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ABSTRACT

Deterioration due to corrosion becomes a more serious problem when the exact
time of expected earthquakes is unknown. Therefore, the prediction of performance
levels of corroded reinforced concrete (RC) structures is important to prevent serious
premature damage. Many models have been developed regarding the effects of
corrosion as a function of time. It is possible to evaluate and identify the performance
level of RC structures as immediate occupancy (IO), life safety (LS), collapse
prevention (CP), and collapse (C). The first part of this study contributes to an
understanding of time dependent effects of corrosion on seismic performance levels
of corroded RC buildings that will be a guideline for the further studies for
strengthening and assessing of RC buildings. The developed model in the first part of
this thesis provide to predict the time dependent seismic performance levels of RC
buildings by considering three major effects of corrosion (e.g., deformation due to
bond-slip relationships, loss of cross sectional area of reinforcement bars and
reduction in concrete compressive strength).

In second part of this thesis, the effect of corrosion on the bond strength between
reinforcement bars and concrete was studied in a series of experiments. An
accelerated corrosion method was used to corrode the reinforcement bars embedded
in concrete specimens. Pullout tests were performed to develop an empirical model
for the ultimate bond strength by evaluating bond strengths in two different concrete
mixes, three concrete cover depths and different mass losses of reinforcement bars
after corrosion. Bond-slip relationships for the different corrosion levels were
compared for different concrete classes and concrete cover depths. In contrast to

developed models found in the literature for the prediction of ultimate bond strength,
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the newly developed bond strength models in this study provide to predict the bond
strength as a function of corrosion level, concrete strength level, crack width and
cover-to-diameter (c/D) ratios. It was found that previously developed bond strength
models do not represent the actual corrosion behaviour where the bond strength
decreases rapidly with increasing corrosion level in those models.

Keywords: Corrosion, time-history analysis, performance levels, pullout test, bond

strength, bond-slip relationship.

v



0z

Korozyondan dolay1r meydana gelen kotlilesme ileride olmasi depremlerin kesin
zamanin bilinmemesi ile daha c¢ok ciddi bir problem haline gelir. Bundan dolay1
korozyonlu betonarme yapilarin performans seviyelerinin tahmin edilmesi erken
hasarlarin 6niine geg¢ilmesi icin dnemlidir. Korozyonun zamana baglh olarak etkileri
hakkinda bircok model gelistirilmistir. Ayrica betonarme yapilarin performans
seviyelerini hemen kullanilabilir, can gilivenligi, gd¢cme Oncesi ve gdcme olarak
degerlendirmek ve tanimlamak miimkiindiir. Bu ¢alismanin ilk boliimii zamana bagh
korozyon etkilerinin korozyonlu betonarme binalar iizerindeki sismik performans
seviyelerin anlasilmasina katkida bulunmaktadir ki ileriki caligmalara betonarme
yapilarmin giiclendirilmesi ve degerlendirilmesi igin bir rehber olacaktir. Bu tezin
birinci bdélmiinde gelistirilen model, korozyonun baslica ii¢ etkisini (6rnegin,
aderans-kayma iliskisinden dolay1 deformansyon, donati alanindaki kayip ve beton
basing mukavvemetindeki azalma) dikkate alarak betonarme yapilarin zamana bagl
olarak performans seviyelerini tahmin etmeyi saglamaktadir.

Bu tezin ikinci bolmiimde ise korozyonun donati ve beton arasindaki aderans
kuvveti iizerindeki etkisi bir takim seri deneyler ile calisilmistir. Beton numuneleri
igerisine yerlestirilen donatilar hizlandirilmis korozyon metodu ile paslandirilmistir.
Aderans kuvvetini iki farkli beton karisimi, {i¢ farkli paspayi1 ve farkli korozyon kiitle
kayiplarinda degerlendirerek deneysel bir nihai aderans kuvvet modeli gelistirmek
icin ¢cekme deneyi yapilmustir. Farkli korozyon oranlarindaki aderans-kayma iligkisi
farkl1 beton simiflar1 ve beton paspaylari icin karsilastirilmistir. Nihai aderans
kuvvetini tahmin etmek i¢in literatiirde bulunan modellerden farkli olarak, bu tezin

ikinci boliimiinde yeni gelistirilen aderans modeli, aderans kuvvetini korozyon orant,



beton mukavvemeti, catlak genisligi ve paspayi donati1 oranina bagl bir fonksiyon
olarak tahmin etmeyi saglamaktadir. Daha once gelistirilen aderans modellerinin
gercek korozyon davranisini sergilemedigi bulunmustur ki bu modellerde aderans
kuvveti artan korozyon oraniyla ani azalim gdstermektedir.

Anahtar Kelimeler: Korozyon, zaman-tanim analizi, performans seviyeleri, cekme

deneyi, aderans kuvveti, aderans-kayma iliskisi.
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Chapter 1

INTRODUCTION

1.1 Objective of Thesis

Millions of dollars lost each year because of corrosion in construction industry.
Since corrosion has time-dependent effects on both economical and structural safety
issues, time-dependent corrosion models may be used to reduce its effects.
Developed corrosion models in this thesis mainly provide;

e to predict time-dependent performance levels of corroded RC structures as a
function of corrosion rate,

e to combine different corrosion models and illustrates how the integration of
different parameters can be used in nonlinear analyses to predict the time-
dependent performance level of corroded RC buildings as a function of
corrosion rate,

e to have a better idea time decide on strengthening of corroded RC structures,

e to predict bond strength of uncorroded reinforcement bars as function of
concrete compressive strengths and concrete cover depths,

e to predict bond strength of corroded reinforcement bars as function of
corrosion rates, concrete compressive strengths, concrete cover depths and
crack widths,

e to correlate design mass loss according to Faraday’s law and actual mass loss

as a result of accelerated corrosion method.



In order to achieve these goals, two important points were considered during this
thesis as analytical model for the first part and experimental studies for the second
part.

For the analytical model of this study, in contrast to previous developed corrosion
models and assessment methods, three important combined effects of corrosion (loss
in cross sectional area of reinforcement bars, reduction in concrete compressive
strength and the bond-slip relationship) were used in structural analyses for both
single-degree (SDOF) and multi-degree-of-freedom (MDOF) systems as a function
of corrosion rate. Three different case studies were performed to represent the
developed model in this study. In the literature it is possible to find similar and/or
same formed sentences such that “corrosion affects on structural performance”
[(Tuutti; 1980), (Ahmad; 2003), (Akgiil et al. 2004), (Li and Melchers; 2006), (Vidal
et al., 2007), (Chernin and Val; 2008), (Berto; 2009)]. On the other hand, to the
knowledge of the author, up to date, none of the studies defined time-dependent
performance levels of corroded RC buildings as a function of corrosion rate through
nonlinear incremental dynamic analysis (IDA) procedure. Thus, with this thesis, an
important gap in earthquake engineering has been tried to be filled. For the first part
of this study, proved and developed corrosion models were used and they have been
adapted into performance assessment of RC buildings. Therefore first part of this
study addressed to two main issues; first, to find the answer of performance level for
RC buildings which are subjected to corrosion as a function of time and secondly to
develop a novel model for corroded RC buildings.

With the exception of design and construction faults of RC buildings, the main
problem behind corrosion that causes deterioration and economical problems over

time is defined as the threshold of corrosion rates (i) in terms of the expected



damage using available assessment techniques. While thresholds of passive
(negligible), low to moderate, moderate to high and high corrosion rates in some
studies (e.g., (McCarter WJ and Vennesland; 2004, Song and Saraswathy; 2007))
have been defined as 0.1 pA/cm?® 0.1-0.5 pA/em?®, 0.5-1 pA/cm?” and greater than 1
uA/cm?, respectively. It is also possible to find huge differences in the defined
thresholds of corrosion rates in other studies (e.g., Dhir et al.; 1994). Expected
damage according to corrosion rates based on previously defined thresholds might be
correct only if the loss of the cross sectional area of the reinforcement bars is
considered while bond-slip relationships are neglected as a function of the corrosion
rate. Moreover, since each structure is unique (i.e., the spacing of the reinforcement
bars, the speed of corrosion, the permeability of the concrete, and environmental
factors), the expected damage by corrosion rate causes different results in structural
performance level when considering the factors above as a function of time. Among
these factors, the spacing of reinforcement bars in particular requires major attention
during time-dependent performance assessment of existing corroded structures since
there are still important difficulties in both our understanding and the modelling of
existing structures. The direction and amount of cracks are based on the spacing of
reinforcement bars and the volume expansion of rust as a function of corrosion rate.
The crack width model of Li et al. (2007) indicated that forming a fracture plane
depends largely on the geometry and detailing of the concrete section, such as the
concrete cover, location and diameter of the rebar. However, some of the well known
and frequently used software programs are still not capable of modelling the exact
location and spacing of reinforcement bars by taking into account the crack width
due to corrosion during the assessment of existing structures. Therefore, the assumed

location and required spacing between reinforcement bars in concrete sections of



corroded RC structures gives underestimated results due to the time-dependent
behaviour of corrosion. In this thesis, by performing three different case studies for
the following chapters, the importance of spacing of reinforcement bars during
assessment of corroded RC structures were also defined. Thus, in this study effect of
corrosion on the structural performance levels were examined as a function of time
by combining different corrosion models (i.e., bond-slip and crack width) in order to
integrate in structural performance assessment. Corrosion rate and its effects on
structural performance analysis were studied as a function of time. Obtained time-
dependent corrosion results were discussed on time-dependent performance level of
the structure by using IDA under action of different scales of ground motion records.
In the second part of this thesis, series of experimental studies were performed to
predict the ultimate bond strength of corroded and uncorroded specimens. Although
considerable research has been conducted to predict concrete bond strengths,
contradictions are found in the literature. In particular, the degradation of bond
strength due to corrosion and in concrete mixtures of different strength levels, taking
into account the effect of differences in the concrete cover depths used, requires
further investigation. Moreover, the available models (e.g., (Cabrera; 1996, Auyeung
et al.; 2000, Chung et al; 2008, Lee et al.; 2002) do not provide for the prediction of
the ultimate bond strength as a function of a given concrete cover, crack width and
concrete strength. Beside these, mainly the available models were developed by
performing one concrete strength level and concrete cover depth where the
reinforcement bars were only placed at the centres of the concrete samples. The
present study further extends these studies to evaluate the influence of concrete
covers of three different depths (i.e., ¢ = 15 mm, 30 mm and 45 mm) and two

concrete strength levels (i.e., f.' = 23 MPa and f.' = 51 MPa) as upper and lower



bound on the bond strength and bond-slip relationships for different corrosion levels.
The effects of different concrete covers and compressive strengths on corrosion rate
were investigated. In this thesis, the developed new bond strength models provide to
monitor the bond strength for different concrete strength levels, cracked or uncracked
concrete conditions with different ¢/D ratios. As it is well known, theoretically mass
losses due to corrosion can be predicted based on Faraday’s law. However, Faraday
developed his model as the reinforcement bars were directly immersed in the tank
filled with water. In another word, Faraday’s law assumed that corrosion starts as
soon as electrical power was applied. In the case of reinforcement bars in concrete
specimens, an amount of time and energy is needed to initiate the corrosion. Thus, it
is inevitable to have differences between the measured actual and theoretically
estimated corrosion mass losses based on Faraday’s law. Therefore, another
objective of this study is to determine a correlation between the actual and

theoretically estimated mass losses that can be used for further studies.

1.2Background

1.2.1 Corrosion

Corrosion is defined as the degradation of a metal by an electrochemical reaction
with its environment (Uhlig, 1971). Once the passive layer has been broken down as
a consequence of chloride ingress, the reinforcement can start to rust (corrode) if
there is the right balance of moisture and oxygen. Corrosion of steel occurs because
of the electro-chemical action which is usually encountered when two dissimilar
metals are in electrical contact in the presence of moisture and oxygen. However, the
same process takes place in steel alone because of differences in the electrochemical

potential on the surface, which forms anodic and cathodic regions, connected by the



electrolyte in the form of the salt solution in the hydrated cement. The positively
charged ferrous ions Fe”" at the anode pass into solution while the negatively charged
free electrons e pass along the steel into the cathode, where they are absorbed by the
constituents of the electrolyte and combine with water and oxygen to form hydroxyl
ions (OH)". These then combine with the ferrous ions to form ferric hydroxide and
this is converted by further oxidation to rust (Ferreira, 2004). The chemical reaction

of corrosion can be written as:

2+ —
Fe—>Fe™ +2¢ (anodic reaction)

4¢” +0,+2H,0—>4(0OH) (cathodic reaction)
Fe* +2(OH) — Fe(OH), (ferrous hydroxide)
4Fe(OH), + 2H,0 +0,— 4Fe(OH), (ferric hydroxide)

As it is shown in these expressions, ferrous hydroxide forms as the 2Fe™" ions at
the anode combine with the hydroxide (4(OH)") ions flowing from the cathode. In the
presence of oxygen and moisture, the ferrous hydroxide (2Fe (OH)2) converts to
ferric oxide (Fe,O3H,0) rust.

The background of corrosion needs to be defined by explaining the behaviour of
corrosion. Two time periods namely called Initiation and Propagation periods plays
an important role to define this behaviour.

e [nitiation period can be defined as required time for chloride ion surrounding
reinforcement bars to reach the critical level of corrosion.

e Once the protective layer around the reinforcement bars broken, moisture
and oxygen take a place in the process of corrosion. With time, corrosion
products start to occupy more space than the original reinforcement bars
which cause expansive stresses. Due to volumetric expansion inside of

concrete, cracking of concrete cover and spalling occur. The required time
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which result in deterioration of concrete is known as the Propagation period.
The concept of Initiation and Propagation periods can be illustrated by

Tuutti’s (1982) model shown in Figure 1.1.

A
c
R
w
o
S | _ Remedial action required ___ _
—
o
Q
D
o
0]
=)
- Rate of corresion
| .
|
0 !
|
o _ | . . Time
Initiation period | Propagation period
- Lt Ll

Figure 1.1: The corrosion process (Tuutti, 1982)

1.3. Effects of Corrosion

Two major effects of corrosion might be taken into account for construction
industry. One of the major effects of corrosion is the economic impact on the
construction industry. More important than the effect of corrosion on economy,
structural safety plays an important role for RC buildings during earthquakes.

Following subsections give brief information on the effect of corrosion.

1.3.1 Effect on Economy

Corrosion has significant economic effects on construction industry which might
break the life cycle of a project. Different studies showed that the cost of damage due
to corrosion took place in government reports. A study done by the Centre for
Concrete Construction (BRE, 2001) noted that the predicted cost of corrosion

damage to concrete was 750 million pounds in the UK, and the annual direct



estimated loss due to corrosion according to another study (Shibata; 2002) was
3937.69 billion yen for the year 1997 in Japan. Another study done by Brongers
(2006) showed that the cost of corrosion in construction industry is $137.9
billion/year in U.S. Thus, the effects of corrosion on the construction industry require
the development of different methods to analyze the cost of corrosion given the
related maintenance and repairs, such as the well known model developed by Uhlig

(1950).

1.3.2 Structural Safety

The cost of the corrosion is important for construction industry. However, cost is
only one issue. Safety is the prime issue. A structure that is originally designed to
meet code specifications may not have the same margin of safety once the structure
has undergone significant corrosion (Choe et al., 2008). As the reinforcement
corrodes, there is potential for cracking, spalling of concrete, reduction in
reinforcement cross-section and bond strength between concrete and reinforcement
bars. As it is well known, reinforced concrete structures have a limited service life.
As much as reinforcement bars has been protected against to corrosion, the service
life of the structure can be increased. From structural safety point of view corrosion,
it is important to predict the service life of corroded RC structures to prevent
premature damage during earthquakes or decide on correct time of repairing and
strengthening of corroded structures. Next subsections describe the effects of three
major parameters on structural safety that was considered in nonlinear seismic

performance assessment of case studies in Chapter 3.

1.3.2.1 Loss in Cross Sectional Area of Reinforcement Bars
For corrosion to commence, the protective film on the steel-concrete interface

must be broken or chemically dissolved (Hoar 1967). With time, effective cross-
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sectional area of reinforcement decreases as a function of corrosion rate. Thus, the
storage energy capacity of a section decreases by losing ductility of reinforcement
bars with reduced energy dissipation through inelastic behaviour. As long as this
energy is mostly dissipated by yielding of the reinforcement, the concrete is less
loaded and thus the structure’s integrity is ensured (Apostolopoulos and Pasialis,
2010). Due to loss in cross sectional area, reinforcement bars might buckle before
reaching its yield capacity, thus load-carrying capacity of the structure reduces.
Moreover, stiffness degradation due to premature yielding of reinforcement bars

cause to sudden load transfer to the other structural members.

1.3.2.2 Bond-slip Relationships

Reduction in performance level of RC structures does not only depend on losing
cross sectional area of reinforcement bars. For reliable structural analyses type of
reinforcements such as ribbed or smooth bars need to be considered in nonlinear
structural analyses. In macro level, dimensional loss of lugs of ribbed bars directly
affects the friction and adhesion between reinforcement and concrete where the bond
mechanism can be defined as interaction between reinforcement and concrete.
Degradation of bond strength causes to increase global drift ratio of RC structures
that calculation of associated roof drift ratios are determinative parameter on
measurement of time-dependent performance level of RC structures. Developed
bond-slip model by Alsiwat and Saatcioglu (1992) indicates that results in member
end rotations due to slip must be considered in inelastic analyses, if reliable
analytical predictions are sought. Another experimental study was done by Sezen
(2002) to predict anchorage slip for four columns, and indicated that in some cases,
the deformation due to reinforcement slip may be as large as column flexural

deformations. Sezen and Moehle (2006) also in an other study investigated these four



columns and indicated that, slip deformations contributed 25 to 40 % of the total
lateral displacement. Therefore, for present study slip deformation as a consequence
of corrosion effect is also considered to be a matter of serious academic interest to

predict time-dependent performance level of assessed RC building.

1.3.2.3 Reduction in Concrete Strength

While cross sectional area of reinforcement decreases, corrosion causes to
increase the corrosion product form as a function of corrosion rate. As it is known,
the volume of corrosion rust is generally 2 to 4 times larger than the volume of
original reinforcement (Bazant 1979). The porous zone around the reinforcing bars is
filled with this corrosion product which results in internal pressure on the
surrounding concrete. As a consequence of volumetric expansion, concrete strength
reduces as a function of crack width where loss of ductility of the columns is
inevitable under seismic loading. Reduction in concrete compressive strength due to
different parameters (i.e., sea water, different chloride content) experimentally
studied by many authors. For instance, an experimental test was done by Liu et al.
(2002) to examine reduction in concrete compressive strength by soaking specimens
for 180 days into two different seawaters (live and dead). In that study recorded
reduction in concrete compressive strength varied from 1.51% to 26.60% of sound
sample. Another experimental study was done by Coronelli and Gambarova (2004)
to investigate the ultimate bond strength and reduction in concrete compressive
strength of corroded reinforcement bars with different depth of corrosion attacks. In
that study reduction of concrete compressive strength varied from 38% to 45% due to
corrosion. Due to the volumetric expansion in the steel bars causes cracking and
spalling of concrete which would indicate the loss of performance level of RC

structures. Figure 1.2 shows three corroded RC structures exposed to salt attack with
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a distance from seaside are 50, 130 and 150 meters in North Cyprus, respectively. As
shown in Figure 1.2, serious strength degradation occurred by volume expansion of
corrosion rust after construction. Due to degradation of concrete members, energy
absorption of damaged columns decrease as a function of corrosion rate that may

result in brittle failure of columns.
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Figure 1. 2: Strength degradation due to corrosion: (a) Apostolo andreas monastery
in Karpaz, 1985, (b) Corrosion rust in 35 years after construction, and (c) An old
constructed RC building in Palmbeach.

The products of steel corrosion create volumetric expansion in the steel bars of the
structure causing extremely high tensile forces within the concrete. Since the tensile
strength of concrete is relatively low in comparison to its compressive strength, it is
susceptible to the formation of cracks from the bar to the surface (inclined cracking)
or between the bars. The cracks allow oxygen and moisture to travel directly to the

bar at a faster rate which in turn increases the rate of corrosion. This eventually leads

to spalling of the concrete from the surface of the structure (Capozucca; 1995).
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Chapter 2

LITERATURE REVIEW

2.1 Introduction

When the column is subjected to a moment, the longitudinal reinforcement at the
end of the column will extend, or slip. Therefore, it is important to examine the effect
of slip on the performance levels of the structure either they are corroded or non-
corroded. This chapter gives an overview of bond-slip models for both corroded and
non-corroded structures. Then, three case studies in Chapter 3; a SDOF system, a
MDOF system and a three dimensional single storey building model were performed
to predict the time-dependent seismic performance levels of corroded reinforced
concrete structures by modifying the developed bond-slip relationships of non-
corroded structures by Sezen and Setzler (2008) in the following subsections. In
those case studies, two different methods were also applied to ensure the effect of
slippage of reinforcement bars (e.g., modifying plastic hinge properties and/or adding
the displacement due to slippage of reinforcement bars directly to the top

displacement of the structure obtained by lateral loading).

2.2 Slip Deformation Models of Non-Corroded Structures

Slippage of the reinforcing bars in the anchoring concrete causes rotation of the
column. This increased rotation causes greater lateral drift of columns under lateral
loads, and it is therefore important to account for reinforcement slip when

determining the response of a RC structure to lateral loading. If the moment-slip
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rotation relationship can be determined for a column, then the lateral displacement of

the top of the column due to slip, A, can easily be calculated as using equation 1.1.

A =6 L (1.1)

where 0; is the slip rotation at the column end (or the average slip rotation at the two
ends for a cantilever column) and L is the height of the column. In the literature, it is
possible to find different models for the calculation of slip. Descriptions of several

models that were investigated in this study are examined below.

2.2.1 Method of Otani and Sozen (1972)
In 1972 a model for bar slip by Otani and Sozen (1972) was developed. Figure 2.1
shows the phases of developed model by Otani and Sozen (1972).
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Figure 2.1: Developed slip model by Otani and Sozen (1972).

Otani and Sozen (1972) in their model proposed to calculate the slip rotation by

assuming an average uniform bond stress by given equation 2.1:
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uy =6.5(fc" 2.1)

where uy, is the uniform bond stress, f.' is the concrete compressive strength. Otani

and Sozen (1972) assumed a linear relationship between steel stress and bending

moment at yield to determine the slip rotation as Is = ——"", where f, and M, are

Jy My
the steel stress and bending moment at yield. The rotation due to slip was defined by

the given equation 2.2:

0 = 51_"5‘ 2.2)

where “slip” is the slip in the tension bars, and d and d’ are the distances to the
centroid of the tension and compression steel from the extreme compression fiber,

respectively.

2.2.2 Method of Alsiwat and Saatcioglu (1992)

Alsiwat and Saatcioglu (1992) proposed a model that uses a bi-uniform bond
stress. In their model, the development length was divided into four regions, based
on the state of the steel stress-strain relationship. Figure 2.2 indicates the proposed
model by Alsiwat and Saatcioglu (1992) to predict slip deformation of reinforcing
bars embedded in concrete using a stepped bond stress distribution. In Figure 2.2, an
analytical model consists of four regions, an elastic region with length L., a yield
plateau with length L,,, a strain hardening region with length Ly, and pull-out cone
region with length L,.. In that model, elastic bond stress () was adopted from ACI

Committee 408 (1979) and it can be calculated by the given equation 2.3:

fod

y
e =ty o1 = TdbMPa 2.3)
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where d, s the bar diameter (mm).
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Figure 2. 2: (a) Stress Distribution; (b) Strain Distribution; (c) Bond Stress between
concrete and steel.

Development length (/;) was suggested to be calculated by using equation 2.4,

where 4, is the bar area (mm?), and it was suggested that coefficient K is equal to 3

times of the bar diameter for most practical applications.

44OA f

b’y s
,_400_300mm (2.4)
However, if bar extension is limited to elastic range, Alsiwat and Saatcioglu
(1992) suggested an analytical equation to calculate coefficient K for elastic bond

stress. In that study, the length of the elastic region was determined from equilibrium

of forces by the given equation 2.5:
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_Jsdy

e =

(2.5)

4u,

The length of the yield plateau was obtained from equilibrium of forces by

Alsiwat and Saatcioglu (1992) by the given equation 2.6:

_ Nsdy

L (2.6)

where Af; is the incremental stress. For strain hardening region, equation 2.6 was
suggested by Alsiwat and Saatcioglu (1992). Different then yield plateau,
incremental stress is equal to difference in steel stress between the current load stage
and the beginning of the strain-hardening range. In figure 2.2 (b), extension of
reinforcement bar was suggested to be calculated by integrating the strains over the

development length.

Soxt =€sLpc +0.5(es +& )Ly +0.5(ey +€y)Lyp +0.5(ey)Le (2.7)
Alsiwat and Saatcioglu (1992) suggested that once extension of reinforcement is

calculated, slip rotation can be calculated by using moment-curvature relationships

by given equation 2.8:

0 = ext (2.8)

where d is the section depth, ¢ is neutral axis of assessed section. Thus, lateral
additional displacement due to slip (A,) can be calculated by multiplying slip rotation
along the height of the column by using equation 1.1. Developed model by Alsiwat
and Saatcioglu (1992) has not been performed for corroded reinforced concrete

structures. In inelastic behaviour of the structures, when the bond of the
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reinforcement bars is considered as a function of corrosion rate instead of assumed
uniform bond stress by Alsiwat and Saatcioglu (1992), developed model by Alsiwat
and Saatcioglu (1992) can be also used for corroded reinforced concrete structures.
For instance, frictional bond stress (uy) of plain bars which was suggested by BS 110

(1985) can be easily adopted to calculate the length of the regions in Figure 2.2.

up=pyfe (29)

where B is the bond coefficient.

2.2.3 Method of Lehman and Moehle (2000)
A bi-uniform bond stress was assumed by Lehman and Moehle (2000) to calculate
the bar slips. Developed model by Lehman and Moehle (2000) mainly consisted of

two regions. Figure 2.3 shows the developed model by Lehman and Moehle (2000).
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Figure 2. 3: Bond stress-slip relationships by Lehman and Moehle (2000).
For steel stresses less than f;, a uniform elastic (#, =12,/ f." ) bond stress was

used. After yielding, upe =64/ fc' was used for the inelastic bond stress. The elastic

development length was suggested to be calculated from required development

18



length, where f; was limited by the yield stress, and the slip was calculated by given

equation 2.10:

SSdeb

slip= o

for &5<éy (2.10)
e

Based on the equilibrium of forces, inelastic development length when the steel

stress exceeds fy; was calculated by given equation 2.11:

—fy)d
Us = o

;.=
di Hi

As the integral of the strain distribution, slip was suggested to be calculated by

given equation 2.12:

eVlge  Esteply _Eyfydy | Estey)fs—fy)
2 > ;

slip= Suo 8

fOI‘ &g >gy (212)
ui

Thus, the rotation of a section due to slip was defined by given equation 2.13:

_ slipy=slip
Os =g (2.13)

where slip, and slip. are the values of bar slip in the tension and compression steel,

respectively.

2.2.4 Method of Eligehausen et al. (1983)
One hundred twenty five pullout specimens were tested to determine a bond
stress-slip relationship by Eligehausen et al. (1983). The developed model by

Eligehausen et al. (1983) is shown in Figure 2.8.
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Figure 2.4: Bond stress-slip relationships by Eligehausen et al. (1983)

Developed model by Eligehausen et al. (1983) consisted of four regions and

following equations were defined for those regions by Eligehausen et al. (1983).

o

for s<5,, A= xl[iJ (2.14)

5
for S <858, h=2 (2.15)
hep, 075 O —1s)

for S, <S<Sys M (s, sy 173 (2.16)
3 72

for S>85, A=y (2.17)

where S is the slip and A is the bond stress. For the bars tested by Eligehausen et al.
(1983), the following values were chosen to define the bond stress-slip curve:
S1=1.0 mm A;=13.5 MPa

S;=3.0 mm 2A,=5.0 MPa

S5=10.5mm o=04
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2.2.5 Method of Sezen and Setzler (2008)

In this study, recently developed bond-slip model by Sezen and Setzler (2008)
was used to perform the case studies in Chapter 3. Additional lateral displacement
due to slip as a consequence of corrosion effect was calculated to predict the time-
dependent seismic performance levels. The model of Sezen and Setzler (2008)
compared with five other analytical models proposed by other researchers (e.g.,
Otani and Sozen (1972); Eligehausen et al. (1983); Hawkins et al. (1987); Alsiwat
and Saatcioglu (1992); Lehman and Moehle (2000)) and experimental results (e.g.,
Saatcioglu et al. (1992); Lehman and Moehle (2000)). Basically, Sezen and Setzler
(2008) assumed a value of elastic uniform bond stress (up) for elastic steel stresses,
and inelastic uniform bond stress (u'y) for stresses greater than the yield stress. Model
developed by Sezen and Setzler (2008) proposed to calculate slip rotation (6;) by

using 2.18 and 2.19:

_ oo/ody for &g < 2.18

S_Sub(d—c) or &g < ¢y (2.18)
2

Os = Sup (d—0) () fy +2es +ey)(fs = 1)) for &g > &), (2.19)

where d is the section depth and c is the neutral axis depth. As shown in equations
2.18 and 2.19, slip rotation is dependent on material properties. Since behaviour of
reinforcing bars (i.e., strain and stress in reinforcing bars) and section capacity
change as a function of time due to corrosion effect, additional displacement due to
slip can be also calculated as a function of corrosion rate for different time periods.
For present study, in order to predict the slip rotation as a consequence of corrosion

effect, Stanish et al. (1999) bond stress model is adopted to calculate the bond stress
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as a function of corrosion level and concrete compressive strength instead of
assumming uniform bond stress by Sezen and Setzler (2008) in order to predict time-
dependent slip rotation as a consequence of corrosion effect. The model developed

by Stanish et al. (1999) to predict bond stress is expressed by given equation 2.20:

“p
—D__0.63-0.041x (2.20)

A

where x is the percent of mass loss of steel bar. By using time-dependent moment-
curvature relationships as a consequence of corrosion effect, additional lateral
displacement due to slip can be calculated by multiplying slip rotation along the
height (L) of the column by using equation 1.1. If the distribution of curvatures along
the height of the column for a given lateral load and corresponding linear moment
diagram are known, first top displacement (A;) of the structure can be obtained by
integrating area under the curvature diagram to find rotation, and compute the
moment of the area. By summing up additional displacement due to slip (A;) and the
first obtained top displacement (A;) under lateral loading, time-dependent total
lateral top displacement (A,) of the structure can be obtained. Therefore, for present
study, time-dependent total lateral top displacement of the SDOF frame (first case
study) is expressed by equation 2.21 for two of the performed case studies in Chapter

3.

Ap=Ap+Ag (2.21)

For other case studies in Chapter 3, different then the equation 2.21, the effect of

slip displacement was ensured by modifying the plastic hinge properties.
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2.3 Bond-slip Relationships of Corroded Members

2.3.1 Al-Sulaimani et al. (1990)

The pullout tests were performed on concrete cube specimens having 150 mm per
side. Three different size of reinforcement bars (10, 14 and 20 mm) were centrally
embedded in concrete specimens. 40 mm embedment length was chosen to ensure
the bond failure. Concrete specimens were prepared from a concrete mixture with a
w/c ratio of 0.55 having a 28 day average concrete compressive strength of 30 MPa.
The corrosion percent was varied from 0% for control specimens to 7.8% for other
specimens. The ultimate bond strengths have been reported for pre cracking,

cracking and post cracking corrosion stages and as a function of percent corrosion.

2.3.2 Cabrera (1996)

The pullout tests were conducted on 150 mm concrete cube specimens having 12 mm
diameter of reinforcement bars which were centrally embedded in the concrete
specimens. 40 mm embedment length was chosen to ensure the bond-slip failure.
Concrete specimens were prepared from a concrete mixture with a w/c ratio of 0.55.
The 28-day concrete strength was not reported. In order to accelerate the corrosion
process, sodium chloride was added to the concrete mixture. Before accelerated
corrosion process, concrete specimens were partially immersed in a 5% sodium
chloride solution. The corrosion percent was varied from 0% for control specimens
to 12.6% for other specimens. The bond strengths have been reported as a function of
percent corrosion. Cabrera (1996) proposed the bond strength for normal Portland

cement concrete as a function of corrosion level as follows.

7 =23.478 ~1.313C, (MPa). (2.23)
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2.3.3 Auyeung et al. (2000)

Pullout tests were conducted on concrete prisms of size 175mmx175mmx350 mm
having 19 mm diameter of reinforcement bars which were centrally embedded in the
concrete specimen. The average compressive strength of concrete was 28 MPa. In
order to accelerate the corrosion process, 3% chloride by weight of cement was
added to the concrete mixture. Before accelerated corrosion process, concrete
specimens were immersed in a 3% sodium chloride solution for three days. The
corrosion percent was varied from 0% for control specimens to 5.91% for other
specimens. Bond strengths and normalized bond strengths have been reported as a

function of percent mass loss.

(-0.3251C )
7 =8.0048¢ L™ (mpa) (2.24)

2.3.4 Lee et al. (2002)

Pullout tests were performed on cubic concrete specimens of 8D per side wherein
‘D’ is the diameter of reinforcing bar. Different than previous mentioned studies, Lee
et al. (2002) used three different concrete mixture having w/c ratios of 0.45, 0.55 and
0.65. The reported 28 days concrete compressive strength levels were 42.1 MPa, 33.0
MPa and 24.7 MPa for used three w/c ratios, respectively. The single size of
reinforcement bar was used where they centrally embedded in the concrete
specimens for three different concrete cover depths. In that study it was assumed that
at the time of cracking of concrete was occurred at 3% of corrosion level. The
corrosion percent was varied from 0% for control specimens to 30% for other

specimens. Maximum bond strengths have been reported as a function of percent
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corrosion for different concrete strengths. Lee et al. (2002) proposed the bond

strength as a function of corrosion level as follow:

(<0.0561C, )

r=521e MPa (2.25)

2.3.5 Fang et al. (2004)

Pullout tests were performed on concrete specimens of size 140mmx140mmx180
mm. 20 mm diameter of reinforcement bars were centrally placed in concrete
specimens. The 28-day average compressive strength for concrete was 52.1 MPa.
The corrosion percent was varied from 0% for control specimens to 9% for other
specimens. The bond strengths have been reported as a function of percent corrosion

for both smooth and deformed bars, with and without stirrups.

2.3.6 Chung et al. (2008)

Another novel equation for bond strength prediction was developed by Chung et
al. (2008). Here, pullout tests were conducted on concrete prisms prepared from a
concrete mixture with a w/c ratio of 0.58 having a 28 day average concrete
compressive strength of 28.3 MPa. One concrete cover depth was considered, and the
reinforcement bars were embedded in the centres of the concrete prisms. The
corrosion percentage was varied from 0% to 10%. In contrast to previous studies,
Chung et al. (2008) corroded the reinforcement bars before and after casting the
concrete. The bond strength model has been reported as a function of percent

corrosion where the bond strength assumed constant up to 2% of corrosion rate.

r=247C," 0.55 \pa for €, > 2.0 % 2.27)
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Chapter 3

DEVELOPED CORROSION MODEL TO PREDICT
REDUCTION IN CONCRETE STRENGTH AS A
FUNCTION OF CORROSION RATE AND MATERIAL

MODELLING

3.1 Introduction

Previous chapters of this thesis (Chapter 1 and Chapter 2) presented the
background information of Chapter 3. In this chapter, a new model to predict the
reduction in concrete compressive strength as a function of corrosion rate was
developed. Three combined corrosion parameters (i.e., loss of the cross sectional area
of reinforcement bars, reduction of the concrete strength, and additional
displacement due to slippage of reinfocement) as a consequence of corrosion effects
were calculated as a function of the corrosion rate. A methodology was presented
how combined corrosion models can be used in seismic analysis. For doing this,
three case studies; a single-degree-of-freedom system, a multi-degree-of-freedom
system and a three dimensional single storey building model were performed by
using incremental dynamic analyses to predict time-dependent seismic performance
levels of the assessed frames as a consequence of corrosion effects for five different

time periods (existing, 25, 50, 75 and 100 years).
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3.2 Effects of Corrosion on Global Behaviour of Structures

Corrosion is a long term process resulting in deterioration on global behaviour of
RC structures. In order to investigate the effects of corrosion, different corrosion
models are available for structural analyses. Developed models to predict corrosion
rate (e.g., Morinaga 1988, Gulikers 2005, Ghods et al., 2007), time to cracking
models (e.g., Liu and Weyers 1998, El Maaddawy and Soudki 2007), crack width
models (e.g., Li et al., 2006, Li et al., 2005, Pantazopoulou and Papoulia 2001,
Andrade et al., 1993), reliability-based failure models (e.g., Vu and Stewart 2000, Li
et al., 2005 (b), Li and Melchers 2006, Thoft 1998), bond-slip relationships (e.g.,
Mangat and Elgarf 1999, Lundgren 2007, Vandewalle and Mortelmans 1988,
Ouglova et al., 2008) are generally considered in studies of many authors. Firstly,
these separately studied and developed models are needed to be used in structural
analyses as a group model to achieve more accurate results on global structural
behaviour.

Effects of corrosion start to damage from single structural member to global
structural behaviour. Because of the complexities of the corrosion, it was preferred to
perform single structural members rather than focusing on global structural
behaviour. Stewart (2004) examined pitting corrosion on structural reliability for
singly reinforced simply supported RC beam in flexure for different corrosion rate.
A long term 17 years of RC beam under service loading is studied by Vidal et al.
(2007) to define structural performance in terms of serviceability by cracking due to
chloride attack of exposing salt to the beams. The relationship between corrosion rate
and loss of structural serviceability from measurements of bond strength, cracking
and deflection of concrete beams is studied by Cabrera (1996). It is not difficult to

indicate that it is an overestimate to deduce the global behaviour of RC structures
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from the single degradations of structural members. Moreover, proposed models
were generally limited by RC beams whilst behaviour and effects of columns on
global structure are more important during earthquakes since columns failure may
lead to structural failures and result in total building collapses. Therefore, it would
be more accurate to perform combined different corrosion models on the global
structural behaviour of RC buildings instead of performing single structural
members. Thus, in this thesis three combined major effects of corrosion was the
interest to predict time-dependent performance level of a corroded RC building as a
function of corrosion rate by using IDA for global structural behaviour.

3.2.1 Modifications to Model of Vecchio and Collins (1986) to Predict Reduction

in Concrete Strength as a Function of Corrosion Rate

In order to predict the reduction in concrete strength as a function time, corrosion
rate needs to be predicted. In this thesis, for the first case study corrosion rate was
assumed while it was calculated from experimental study for the second and third
case studies. Any available models in the literature can be used to predict corrosion
rate and adopted for the proposed methodology here. For instance, one of the well
known corrosion rate models was developed by Morinaga (1988). This model
considers the rate of reinforcing steel due to carbonation for different environmental
factors. Using Laplace’s equation for electrical potential, a nonlinear finite element
model was developed by Isgor and Razaqpur (2006). Ghods et al. (2007) improved
the previously developed model by Isgor and Razaqpur (2006) by considering
environmental factors that were or were not dependent on half-cell measurements. In
order to demonstrate the integration of these models for the prediction of reduction in
concrete strength, developed model Morinaga (1988) is used for the first case study.
Developed model by Morinaga (1988) consider corrosion rate of reinforcing steel
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due to carbonation by considering environmental factors. The developed expression

to estimate corrosion rate is given by the following equation:

-22.87X,-099X , +0.14X +0.51X  +

icorr,c] =2:59-0.05.X, —6.89.X 3 A 5 §

1 2

O.OlX7 +60.18X8 +3.36X9 +7.32X10

(3.1)
where i, 1s the rate of corrosion in term of 10'4g/cm2/year, X is temperature (OC);
X, 1s corrected ambient relative humidity (X>=(RH-45)/100); X3 is percentage of
relative atmospheric oxygen concentration, X; is salt content as percentage of NaCl
by weight of mixing water; X5 is interaction between X; and X»; Xs is interaction
between X; and X3; X7 is interaction between X; and Xy; Xs is interaction between X,
and X3; Xy is interaction between X, and Xy; X is interaction between X3 and X4. The
products of steel corrosion create volumetric expansion in the steel bars cause to
cracks. The cracks let to absorb oxygen and moisture to the surface of reinforcement
which increases the rate of corrosion as a function of time. The corrosion products
occupy a larger volume and these induce stresses in the concrete cover concrete
resulting in cracking, delamination and spalling [(Revathy et al. 2009)]. Thus,
concrete elements begin to damage due to corrosion. Due to this damage, concrete
strength may decrease and this factor is also needed to be considered in time-
dependent performance assessment of RC buildings. A model developed by Vecchio
and Collins (1986), predicts the reduction in concrete strength based on total crack
width for a given corrosion level. According to this model, reduction in concrete

strength can be calculated by following given equation 3.2:

" Je

T 1+ Key/leco (3:2)
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where fc* is the reduced concrete strength, K 1s the coefficient related to bar

roughness and diameter (for medium-diameter ribbed bars a value K=0.1 has been
proposed by Cape 1999); €., the represents strain at the peak compressive stress, and
€; the is average tensile strain in the cracked concrete at right angles to the direction

of the applied compression that can be calculated by following given equation 3.3:

a5 (3.3)

where b, is the width increased by corrosion cracking, by is the section width in the
virgin state, and approximation of the increase of the width can be calculated as

given equation 3.4:

b

f—b

0~ "pars"er 34)

where npas 1s the number of the bars in the top layer (compressed bars); and wy; is
total crack width for a given corrosion level. The proposed model by Vecchio and
Collins (1986) is applicable in order to calculate the strength reduction in concrete
due to corrosion. However, the proposed model has a disadvantage to predict the
strength reduction in concrete as a function of time, in another world proposed model
is not time dependent. The study done by Coronelli and Gambarova (2004) proposed
to integrate crack width model of Molina et al. (1993) in to proposed model by
Vecchio and Collins (1986) in order to calculate reduction in concrete strength, and it
is assumed that ratio of volumetric expansion of the oxides with respect to the virgin
material is equal to 2, thus diameter of each bar is assumed to increase two times of
the depth of the corrosion attack, and w,, is calculated from proposed model by
Molina et al. (1993) as given equation 3.5:
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Wer = Llljeop =27V s~ DX (3.5)

where v, is the ratio of volumetric expansion of the oxides with respect to the virgin
material; X is the depth of the corrosion attack; and u;.,,, is the opening of each single
corrosion crack. The study done by Coronelli and Gambarova (2004) used crack
width model of Molina et al. (1993) to calculate reduction in concrete strength.
Developed model by Molina et al. (1993) provides to calculate length of the crack
evolution in concrete. However, the proposed model is not time dependent; therefore
reduction in concrete strength can be calculated only for that current time. Also other
studies were done by Ohtsu and Yoshimura (1997), Kapilesh et al. (2006) in order to
calculate crack width in concrete for a given current time. A large literature survey
was done to decide for appropriate crack width model in order to integrate it into
model of concrete strength reduction as a function of time. In this study crack width
equation derived from proposed model by Li et al. (2007). Derived model by Li et al.
(2007) also verified with both experimental and numerical data obtained from
research literature. Like the previously proposed analytical models, the model is
based on a thick-walled cylinder approach, in which the concrete surrounding a
corroding reinforcing bar is considered as a thick-walled hollow cylinder with the
wall thickness equal to that of the concrete cover. Proposed model by Li et al. (2007)
used a well known Bazant’s (1979) thick-walled model and it is almost used for
many developed fundamental of corrosion models. Figure 3.1 presents a schematic
diagram that is used for proposed crack width model by Li et al. (2007). In Figure
3.1, phase of no cracking, the concrete cylinder was considered to be isotropic so that

the theory of elasticity was used to determine the radial stress o, (r) and tangential

stress o (r) at any point in the cylinder.

31



A A
Vo
v I
\ 4

.ds(t)
“—
(b)

Figure 3.1: Phases of concrete damage: (a) Bazant’s thick walled (1979), (b) Liu and
Weyers (1998), (c) Li et al. (2007).

According to Li et al. (2007), the initial cracking time can be determined from

tangential stress o (r) by satisfying the condition the tangential stress of a sy (a) is

equal to tensile strength of concrete fi. As shown in Figure 3.1(c), after cracking
initiation, the crack in the concrete cylinder propagates along a radial direction and
stops arbitrarily at ry (which varies between the radii a and b) to reach a state of self-
equilibrium Li et al. (2007). Developed model by Li et al. (2007), the corrosion

induced concrete crack width model (w,,) is expressed as following equation (3.6):

Wol) | (~ad) A (1) 2mbj;
=2 b +c.b =
Yer =50 % C6 E,s (A=)l Y +(1+vp) G/ ay® E,

(3.6)
where di(?) is the thickness of corrosion product form; f is the tensile strength of
concrete; Eris the effective elastic modulus of concrete ; v. is the Poisson’s ratio of
concrete; a is the tangential stiffness reduction factor ; a represents internal radius of
the cylinder (a=D+2d, /2 ) ; b is the exterior radius of the cylinder (b=S/2); S is the

rebar spacing; cs and c¢¢ are boundary conditions as proposed by Li et al. (2007). Li et
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al. (2007) developed an algorithm for computing tangential stiffness reduction factor.

Detailed framework of algorithm is given in Figure 3.2.

Input parameters

A 4

Initializing t=0, 0=1, ry=a
— t=t+dt _
determine W (t),ds(t)
v
- N
is t>t; ?
vy
1S 1o<b ?
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\ 4 \ 4
determine r, set rj=b
v v
determine ¢;,¢,,C3,C4 determine ¢;,¢,,C3,C4
v
determine €, €4 determine €,°, €5
v
determine o
v
1S t=tiax ?
¢ Y
End
Figure 3. 2: Algorithm for computing tangential stiffness reduction factor a Li et al.
(2007).

Proposed crack width model by Li et al. (2007), used developed model by Liu and
Weyers (1998) in order to calculate thickness of corrosion product form dy(¢) as

given equation:
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ds (l) _ rust( ) ( 1 __rust ) (3.7)
(D + 2d0) Prust Pst

where W, 1s the mass of rust per unit length of rebar; D is the rebar diameter; oys 18
the coefficient related to the type of rust; png is the density of rust; pg is density of
steel; dj is the thickness of the annular layer of concrete pores (i.e., a pore band). In
order to calculate mass of rust per unit length of rebar (W,,) following equation was

proposed by Liu et al. (2007):

1/2
t
Wyse () = {2(1)0-105(1 /@51 Dl cory (t)df} (3.8)

As it is shown in these equations, reduction in concrete strength can be calculated
as a time-dependent of corrosion rate in different years. Equation 3.6 above, concrete
crack width (w.-) model is a time-dependent of the thickness of corrosion product
form dy(¢). Moreover, thickness of corrosion product form dy(¢) is a time-dependent
of the mass of rust per unit length of rebar (W,,y). Thus, reduction in concrete
strength can be obtained as a function of time according to different rate of corrosion.
Once, corrosion rate is determined as a function of time, and then mass of rust per
unit length of rebar (W,,y) can be calculated as a function of corrosion rate that
provides to have thickness of corrosion product form dy(¢) as a function of mass of
rust per unit length of rebar which is going to provide to have a time-dependent
reduction in concrete strength model. By substituting equation 3.1 into equation 3.8
the following equation for mass of rust per unit length of rebar (#,,s) as a function
of corrosion rate in years can be calculated. The new obtained relation of mass of
rust per unit length of rebar as a function of corrosion rate is given by following

equation:
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(3.9)
Thickness of corrosion product form d,(¢) can be derived by substituting equation
3.9 into equation 3.7 in order to have time-dependent corrosion product form d() as

a function of corrosion rate for different years as given equation:

_ 172
0.105(1/ 0157 )TD(2.59 — 0.05.X —~ 6.89.X -
t
2[| 22.87.X35 0.9, +0.14X5 +0.51X( +0.01X5 +
0
60.18Xg +3.36.Xg + 732X )(1)dr
dy() =+ LTy
(1) =
n(D +2d) Prust Pst

N _/
—~,

X

(3.10)

Let us call equation 3.10 ‘X’. By obtaining equation 3.10, thickness of corrosion
product form dy(f) becomes as a function of corrosion rate and function of mass of
rust per unit length of rebar for different years. Thus, concrete crack width can be
calculated as a function of corrosion product form in a different corrosion rate for
different years, and new developed time depended crack width model can be
expressed by substituting equation 3.10 into equation 3.6 as given by following new

proposed equation:

1 _ 2m],

Wo=X
((l—vc)/(a/b)ﬁ +(1+v,)bla)'™ E,

cr

(3.11)
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These derived relations provide to have information between predictions of
corrosion rate versus to reduction in concrete strength as a function of time. By
obtaining equation 3.11, at the same time it is easy to take into account of corrosion
effects on structural performance such as reduction in gross sectional area of steel
bars, time effect, and reduction in concrete strength. In order to determine the
reduced concrete strength as a function of time by using new proposed model the
following steps need to be carried out. As a first step, mass of rust per unit length of
rebar (see equation 3.9) can be calculated as a function of corrosion rate where
corrosion rate is also can be calculated as a function of time by using equation 3.1.
Then by following equations 3.10 and 3.11 concrete crack width can be calculated as
a function of time for a given time-dependent corrosion rate. Thus, equation 3.4 will
be calculated by using new proposed time-dependent crack width model (see
equation 3.11) which is going to provide to have a numerical value of reduction in
concrete strength as a function of time by substituting obtained value first into

equation 3.2 then equation 3.2.

3.3 Non-linear Material Modelling

In order to understand the sectional behaviour of assessed SDOF and MDOF
systems moment-curvature relations were constructed in three case studies by using
new developed time-dependent corrosion model. Moment-curvature relations
provide to predict the behaviour of the sections and here it was used to predict the
behaviour of a section at any load. Actual material behaviour is non-linear, thus
moment-curvature relations provide to determine accurately load-deformation
behaviour of concrete section by using non-linear material stress-strain relationship.
There are many models developed to indentify the stress-strain relation for both

reinforced concrete and reinforcement steel. Hognestad (1951), Kent and Park
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(1971), Mander et al. (1988), and Saatcioglu and Razvi (1992) are some of them. In
this thesis, confined column of assessed section for both developed Kent and Park
(1971), and Saatcioglu and Razvi (1992) models were performed for the stress-strain
relation of RC section. Then, among them, for each case (existing, 25,50,75 and 100
years), those caused higher demands (lower elastic and inelastic stiffness and lower
yield strength) were selected to be used in IDA for 20 different ground motion
records. Descriptions of developed models by Kent and Park (1971) and Saatcioglu
and Razvi (1992) that were investigated in this thesis were examined by following

sub sections.

3.3.1 Stress-strain Relationships of Concrete by Kent and Park (1971)

The response of a structure under load depends to a large extent on the stress—
strain relation of the constituent materials and the magnitude of stress. Since concrete
is used mostly in compression, the stress—strain relation in compression is of primary
interest (Kwak and Kim; 2002). The developed model of Kent and Park (1971) has
been using more than 30 years. Basically, developed model by Kent and Park (1971),
occurs with two branches. For the first branch (A-B), the curve reaches to maximum
stress level which is equal to 0.002. After reaching maximum stress, two other
different braches occurs (B-C, B-D) where two straight lines indicates different
behaviour of concrete for confined and unconfined concrete. For the falling branch of
the curve assumed to be linear and its slope specified by determining the strain when
the concrete stress has fallen to 0.5 of maximum stress as suggested by Roy et al.
(1982). Figure 3.3 shows the developed model by Kent and Park (1971). Kent and
Park (1971) proposed a constitutive model for confined concrete using a parabolic

stress—strain curve for the ascending branch and a linear stress— strain curve for the
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descending branch. Equations below (3.12-3.18) defined by Kent and Park (1971) for

modelling the stress-strain relationships of concrete.

Unconfined

[

0.5f, Es.;.,.\N [‘ Confined

I

0,2,

B
-

0.00z2 E50n S5 S =

Figure 3.3: Stress-strain relationship of concrete by Kent and Park (1971).
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7= (3.16)
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£50,, _ 34029/ (3.17)
145, 1000
3 I
£50), = ps - (3.18)

where, € 1s the concrete strain at maximum stress, K is a factor which accounts for
the strength increase due to confinement, Z is the strain softening slope, f;, is the
yield strength of stirrups, s is the center to center spacing of stirrups or hoop sets, ps
is the ratio of the volume of hoop reinforcement to the volume of concrete core
measured to the outside of stirrups, /" is the width of the concrete core measured to
the outside of stirrups. In this study, developed model by Kent and Park (1971) was

used for three case studies.

3.3.2 Stress-strain Relationships of Concrete by Saatcioglu and Razvi (1992)
Another model developed by Saatcioglu and Razvi (1992) proposed to construct a
stress-strain relationship for confined and unconfined concrete. Saatcioglu and Razvi
(1992) proposed to calculate lateral confinement pressure generated by circular and
rectilinear reinforcement, and the resulting improvements in strength and ductility of
confined concrete. The model consists of a parabolic ascending branch, followed by

a linear descending segment. Figure 3.4 represents for the 6—¢& relation of RC

sections proposed by Saatcioglu and Razvi (1992).
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Figure 3.4: Stress-strain relationship of concrete by Saatcioglu and Razvi (1992).

An analytical model was proposed by Saatcioglu and Razvi (1992) to construct a

stress-strain relationship for confined concrete. The proposed relationship by

Saatcioglu and Razvi (1992) becomes identical to that proposed model by Hognestad

(1951) for unconfined concrete, when confinement effects are negligible and the

lateral confinement pressure is zero (Saatcioglu and Razvi; 1992). Equations below

were defined by Saatcioglu and Razvi (1992) for modelling the stress-strain

relationships of concrete.

5 . 2 142k
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where f). is the equivalent uniform lateral pressure, f, is the pressure in x direction,
f1y 1s the pressure in y direction, fix and fi., are the effective lateral pressures acting

perpendicular to core dimensions b, and b,, respectively, k; is the coefficient of
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related with the properties of concrete, Ay is the area of transverse reinforcement, b,
is the core dimension measured center to center of perimeter hoop along the x-
direction of a square or rectangular column, b, is the core dimension measured center
to center of perimeter hoop along the y-direction of a square or rectangular column, s
is the spacing of transverse reinforcement in longitudinal direction, a is the angle to
obtain concrete strip, f.o is the unconfined concrete compressive strength in member,
fec 1s the confined concrete compressive strength in member, & is the strain
corresponding to peak stress of unconfined concrete, €5 is the strain corresponding to
85% of peak stress of confined concrete on the descending branch, eygs is the strain
corresponding to 85% of peak stress of unconfined concrete on the descending
branch, ¢; is the strain corresponding to peak stress of confined concrete. As shown
equations above, developed model by Saatcioglu and Razvi (1992) provides to
consider the spacing of reinforcement for both directions in concrete section. When
the thickness of corrosion product form dy(¢) is considered based on equation 3.7,
developed model by Saatcioglu and Razvi (1992) provided an important approach

for the modelling of corroded RC sections.

3.3.3 Stress-strain Relationships of Steel by Mander (1984)

Beside of concrete, o—¢ relation of steel is also needed to be model. Many models

have been developed for strain-stress relation of steel, such as for hot rolled steel,
Kent and Park (1973), Thompson and Park (1978) proposed different models. For
cold work steel Kato (1979), Peterson and Popov (1977), Stanton and McNiven
(1979) investigated other models. In this thesis, Mander’s (1984) model was used for
modelling stress-strain relationship of steel for performed three case studies. In 1984
Mander proposed a model which can be used either for both hot rolled steel and cold

work steel. The model includes linear elastic region up to yield, elastic-perfect-
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plastic region, and strain hardening region. The Mander’s model (1984) has control
on both strength and ductility where descending branch of the curve that first branch
increases linearly until yield point then the curve continues as constant. Figure 3.5
shows the proposed model by Mander (1984) for c—¢ relation of steel that was used
for current study as a function of time.

A

Ssu

v

Esy Esh Eeu

Figure 3.5: Stress-strain relationship of steel by Mander (1984).

Equations below were defined by Mander (1984) for modelling the stress-strain

relationships of steel.

og=E&q 5 SéEgy) (3.35)
fs
Es= Y (3.37)
h
Egy — &
o5 = fsu+ sy = fou )[ﬁ] Esu = €5 > €y (3.38)
su~Egp
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where o; 1s the stress in reinforcing steel, ¢, 1s the strain in reinforcing steel, e, is the
yield strain in reinforcing steel, &, 1s the strain hardening in reinforcing steel, &, is
the ultimate strain in reinforcing steel, f;, is the yield strength in reinforcing steel, f;,
is the ultimate strength in reinforcing bar corresponding to the ultimate strain in
reinforcing bar,E; is elastic modulus of steel, Ey; is the hardening elastic modulus of

steel, h is the degree of hardening.

34 A Case Study of Time-dependent Seismic Performance

Assessment of a SDOF System Subject to Corrosion by Using IDA

3.4.1 Description of the Analyzed Structure

In this case study, a SDOF frame was performed as a function of time by using
new developed time-dependent corrosion model (equation 3.11). In order to analyse
the frame required assumptions are mentioned below. It was assumed that assessed
frame of the structure was located in a very close distance to seaside, soil class was
classified as D (soft clay), building importance factor was taken 1 and effective
ground acceleration coefficient (Ag) was equal to 0.3 g where calculated target
pseudo acceleration was equal to 0.75 g according to Turkish earthquake code 2007
(TEQ, 2007). Used steel and concrete classes are selected as S420 (420 MPa) and
C20 (20 MPa), respectively. Mechanical properties of used steel in the analyses were
selected according to Turkish standard 500 (TS 500, 2000) that minimum rupture
strength was 500 N/mm?, and minimum rupture extension 0.12 % for diameter of the
bars were less than 32 mm (¢<32 mm). The member names and sectional dimensions

(in cm) of performed frame are shown in Figure 3.6. Performance level of assessed
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frame has been performed for five different time periods as existing (¢: 0), 25, 50, 75
and 100 years. For each scenario, firstly a corrosion rate which is defined as the loss
of metal per unit of surface area was calculated for each year based on required
assumptions. The corrosion rate was calculated by using Morinaga (Morinaga, 1988)
model as shown in equation 3.1. In order to predict the corrosion rate as a function of
time by using Morinaga model, required values of basic variables are represented in

Table 3.1.

P Boj
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.......... 19
Co 25 Coz
400

Figure 3.6: Dimensions of assessed reinforced concrete frame.

According to the assumptions in Table 3.1 and by using equation 3.1, calculated
corrosion rate of 25, 50, 75 and 100 years were 1.88e-4, 3.75¢-4, 5.63e-4, 7.5¢-4
g/mm’ respectively. Once corrosion rate was calculated by using equation 3.1,
reduction in concrete strength of each time periods can be obtained as a function of

corrosion rate by using equation 3.2.
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Table 3. 1: Used values of basic variables.

Symbol Value Sources

X1 32°C [current study]

X5 80 % [ current study]

X3 20 % Morinaga (1988)
X4 3.5% ACI (2005)

Ve 0.18 Liu and Weyers (1998)
E.r 8517.74 MPa TS 500 (2000)

f 4.2 MPa TS 500 (2000)
Prust 3600 kg/m3 Liu and Weyers (1998)
Dst 7850 kg/m’ Liu and Weyers (1998)
Olrust 0.57 Liu and Weyers 1998
do 12.5um Liu and Weyers 1998

Calculated reduction in concrete strength as a function of corrosion rate was
almost 0.5 MPa for each time period that when time reached to 75 years, the
calculated reduced concrete strength was equal to 18.4 MPa. The new developed
time-dependent corrosion model provides to use obtained values for any required

further analyses in order to predict the behaviour of the section of the assessed frame.

3.4.2 Moment-curvature Relationship as a Function of Corrosion Rate

For each time period moment-curvature relations of a rectangular confined
column section (Cy;) was conducted for both developed Kent and Park (1971) and
Saatcioglu and Razvi (1992) models by considering both changes in corrosion rate
and reduction in concrete strength as a function of time. In order to perform moment-
curvature relations a constant 15 tons axial load was assumed for each time period.
Figure 3.7 below shows the predicted time-dependent moment-curvature relations by
considering corrosion rate and reduced concrete strength for both developed models
by Kent and Park (1971), and Saatcioglu and Razvi (1992). There were not much
differences between two proposed model by developed Kent and Park (1971), and
Saatcioglu and Razvi (1992). Thus, proposed model by Saatcioglu and Razvi (1992)

indicates more optimistic result for further steps of case study. Therefore, author of
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this thesis used the obtained results of developed Kent and Park (1971) model for
moment-curvature relations. It should be noted that even Saatcioglu and Razvi
(1992) model would have been used for further analyses; the reduction in
performance level would be inevitable in IDA when time-dependent assessed frames

are compared with existing frame.

Kent and Park,Existing
T — Kent and Park, t:25 years
160 1
et Kent and Park,t:50years
140 A o
— - —-Kent and Park,t:75 years
120 - T
- e Sl — - — Kent and Park,t: 100 years
£ 100 - .
E Saatcioglu and Razvi,Existing
> 80 -
Saatcioglu and Razvi, t:25 years
60 -
Saatcioglu and Razvi, t:50 years
40 -
Saatcioglu and Razvi, t:75 years
20 A
Saatcioglu and Razvi, t:100
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¢(rad/m)

Figure 3. 7: Time-dependent moment-curvature relationship.

In Figure 3.7, time-dependent moment-curvature relationships of assessed
reinforced concrete section (Cy;) basically indicate three segments; the elastic region
prior to cracking, the post-cracking branch between the cracking and yield points and
the post-yield segment beyond yielding respectively. As shown in Figure 3.7, due to
time-dependent corrosion effect, section capacity and energy dissipation reduced
with time while rotation increased for less moment value that causes to have more
lateral displacement of the assessed frame. The obtained moment-curvature
relationships are needed to be idealized as bilinear according to aim of further steps.

For doing this, time-dependent moment-curvature relationships of column section
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(Co1) were bilinear idealized for each time period according to the procedure
described by Saatcioglu and Humar 2003. With increasing time and corrosion effects
reduction in load carrying capacity of a RC column subjected axial loading can be
assessed from moment-load (M-N) interaction diagrams. The results of time-
dependent M-N interaction diagrams of all cases of assessed column are plotted and

shown in Figure 3.8.
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Figure 3.8: Time-dependent M-N diagrams of CO1 column: (a) Kent and Park
(1971), (b) Saatcioglu and Razvi (1992).
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Time-dependent interaction diagrams were used to predict adequately moment
capacity of corroded RC section. In Figure 3.8, line of 0.54.f. represents the
maximum allowable load that can be carried by a section according to Turkish
earthquake code 2007 (TEQ, 2007), where A, is the cross sectional area of a section.
On this line, moment capacity of corroded RC section reduces as a function of time
due to corrosion. The moment capacity of Cy; column of existing structure based on
model developed by Kent and Park (1971), was 277 kN-m on this line, but this
capacity decreased to 244 kN-m, 220 kN-m, 200 kN-m, 184 kN-m after 25, 50, 75
and 100 years respectively. These results also support the above finding about time-
dependent moment-curvature relationships of the corroded column where serious

strength degradation occurs due to corrosion.

3.4.3 Time-dependent Load-displacement Relationships

Predicted time-dependent moment-curvature relationships were used to predict
lateral displacement (A;) of the frame due to loss of cross sectional area of
reinforcement bars and reduce concrete compressive strength. In order to simplify
the frame analyses, a rigid beam (By;) was assumed that provides the column curve
in double curvature and the point of inflection is at the middle. For each time period
of frame analyses, lateral loads were applied incrementally to the frames until the
assessed column reach to its ultimate moment capacity. The moments values which
were obtained by applying lateral load to the frames, needs to be converted to the
displacement of corresponding to the each lateral load by using moment-curvature
relationship. For doing this, the moment-area method can be used by integrating the
area under the curvature. In Figure 3.9, an example of a cantilever beam is shown to

define the general behaviour of the reinforced concrete members.
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Figure 3.9: An example of a cantilever beam.

The basis of the method starts from the moment curvature equation where the
change in slope value 0(x) between two point A and B is termed 6g/4 and is equal to

the integral [(1/EI) M(x) dx. Also the change in displacement value 8(x) between

two point A and B is termed Op, and is equal to the integral | (1/EI) M(x) x dx. The

values of Op/a and Op/a are measure between the tangents at the two points. It is

noted that while the integral [(1/ED) M(x) dx gives the area under M/EI diagram

between A and B, the other integral [(1/ED) M(x) x dx gives the moment of the area
under M/EI diagram between A and B and the values of Op/s and Op/a will be
numerically the same (with one positive if counter-clockwise and the other is
negative if clockwise). However, the values of Og/a and Op/a will not be the same

as the moment in the first case will be taken about point B and in the second case the

moment is about point A. This is a very important consideration when using the

moment area method. The use of the first integral to compute 0, is called the first

moment area theorem, while the use of the second integral to compute Op/4 is called

the second moment area theorem. Once distribution of curvatures of each time period
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along the height of the column for a given lateral load and corresponding linear
moment diagram was obtained then by integrating area under the curvature diagram
rotation along the height of the column can be calculated. It might be useful to notice
that in this case study obtained moments values from frame analyses have been
recorded for each 1% of the half height of the column (Cy;) that provides to have
more accurate results. Figure 3.10 shows the obtained load-displacement relations by
computing the moment of the area relative to the cantilever column to find the top
displacement of assessed column (Cy;) by considering deformation due to reduction
in concrete strength and loss of cross sectional area of steel for each time period as a

function of corrosion rate.
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Figure 3.10: Time-dependent load- top displacement relationships.

As shown in Figure 3.10 there is an obvious deterioration in the section capacity
due to corrosion resulting decrease in ductility, initial and post yielding stiffness of

the existing assessed frame. Due to time-dependent effects of corrosion, reduction in
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the initial stiffness of the frame for corresponding time periods of 25, 50, 75 and 100

years are 9%, 14%, 26%, 28% respectively.

3.4.4 Results of Slip Deformation as a Function of Corrosion Rate

In Figure 3.10, time-dependent load-displacement relationships were obtained by
considering the two effects of corrosion (time-dependent loss of steel area and
reduction in concrete strength) where slip effect was not considered. Therefore,
model developed by Sezen and Setzler (2008) was used to define this effect on time-
dependent structural behaviour. For each case (existing, 25 years, 50 years, 75 years
and 100 years), time-dependent moment-curvature relationships were used to
calculate time-dependent effective depth of the neutral axis, strain and stress in
reinforcing bar. Time-dependent relationships between calculated maximum moment
(Mpax) of the column base and the corresponding strain (&) in the tensile longitudinal

bars are shown in Figure 3.11.
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Figure 3.11: Time-dependent moment-strain relationships.
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As it is expected, same strain deformation occurs with increasing time with a less
amount of moment values. If the force and corresponding time-dependent stress-
strain relationships of reinforcement bar embedded in concrete are known, time-
dependent slip rotation can be calculated by using equation 2.18 and 2.19. At this
point one difficulty happens to predict the slip on the yield plateau region. This
problem was also reported in the literature by some authors (e.g., Sezen and Setzler
2008; Alsiwat and Saatcioglu 1992).When the tension steel yields in concrete, the
depth of the neutral axis closes to the compression side of the section. In equation
2.19, on the yield plateau region, (d-c) increases and the resulting slip rotation
decreases. Thus, no additional slip occurs from yield strain to the start of strain
hardening of reinforcement bars. To avoid this problem Sezen and Setzler (2008)
recommended using a modest strain hardening on the yield plateau. This
recommendation was adopted in this study and a slope of 2% of the elastic modulus
of steel is used. Time-dependent lateral force and displacement due to slip as a

consequence of corrosion effects are shown in Figure 3.12:
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Figure 3.12: Time-dependent slip displacement.
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According to slip results, there was a good agreement between obtained time-
dependent displacements due to slip and experimentally study done by Sezen and
Moehle (2006). Experimental study done by Sezen and Moehle (2006) indicated that
slip deformations contributed 25% to 40% of the total lateral displacement. For
existing column, calculated additional displacement due to slip was 45%. However,
experimental study done by Sezen and Moehle (2006) was not time dependent.
Therefore it is inevitable to have more lateral displacement with increasing time by
taking into account of corrosion effect. Since each case shows different behaviour at

three regions of reinforcing steel, compared load-slip results are summarized in

Table 3. 2: Results of slip displacement at three regions of reinforcement bar.

After crushing

Before crushing concrete concrete
€ s‘<gv & v<€ s<g sh € s>€ sh € 3,>g sh

Pmax As Pmax As Pmax As Pun As

Frame (kN) (mm) (kN) (mm) (kN) (mm) (kN) (mm)
Existing 220 4 270 3.5 280 14 250 52
T: 25 years 190 4 240 3.6 250 13 230 50
T: 50 years 180 4.7 220 3.6 Concrete crushed 200 56
T: 75 years 160 4.5 200 3.6 Concrete crushed 180 56

T: 100 Concrete

years 140 4.5 170 3 Crushed 160 55

Note: Pmax= maximum load, Pun=Unloaded column

As shown in Table 3.2, for each plateau of reinforcement bars, more slip
displacement occurs with a less amount of lateral force. For instance, at elastic
region, calculated slip displacement of existing column was equal to 4 mm when
lateral force is 220 kN while same displacement occurred when lateral force was 190
kN after 25 years. Obtained results were more dramatically for 50, 75 and 100 years
at strain-hardening region by crushing of concrete. As shown in Table 3.2, for these
three cases, concrete crushed before reinforcing bars exceeding strain hardening
region due to losing in moment capacities of section. After concrete reaches to

maximum compressive strain, almost same amount of slip was recorded with
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different amount of lateral force due to corrosion effect. Once the corrosion phases
begin, the effect of corrosion resulting in slip will be higher during propagation
period which varies from first cracking to loss of load-carrying capacity of section.
In order to accurately define the most effected time period of performance level of
the assessed frame by additional displacement due to slip as a function of time,
obtained results should be supported by IDA. Combined three major effects of
corrosion were used to predict time-dependent performance level of the corroded

frame in the following section.

3.4.5 Incremental Dynamic Analysis

In this study, the developed time-dependent corrosion model was performed by
using IDA. There are several methods to assess the performance level of structures
under earthquake ground motions (Villaverde, 2007). Among them IDA is one of the
well known. An IDA involves performing a series of nonlinear dynamic analyses in
which the intensity of the ground motion selected for the collapse investigation is
incrementally increased until the global collapse capacity of the structure is reached
(Vamvatsikos and Cornell; 2002, 2004). It also involves plotting an intensity
measure (i.e.: peak ground acceleration, spectral acceleration at the fundamental
natural period of the structure, S,) against a damage measure (i.e.: maximum in-story
drift or roof drift). In addition, fragility curves can be obtained by IDA. Fragility
curves represent expected damage (i.e., IO, LS and CP) as a function of the selected
ground motion intensity which was used here as a function of corrosion rate for
different time periods. Limit states at each performance level have been defined and
summarizing the multi—record IDA curves, 16%, 50% and 84% fragility curves were
obtained. At the end, fragility curves of probabilistic structural damage estimation

were obtained in terms of PGA for each performance level. In order to perform IDA
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NONLIN (Charney 1998) software program was used. By using NONLIN (Charney
1998) software program material nonlinearity can be taken into account by
specifying yield strength, initial and post yield stiffness. NONLIN basically uses the

equation of motion which was proposed by Chopra, 2001 as given equation below.

d2 d d2u
m—2+c—+ku =-ml
df dt

g
2

(3.39)
dt

The letter ‘m’ denotes the mass matrix of the system which was obtained by

lumping the mass according to the degree of freedom, u is the displacement vector, /

d2u

is the influence vector, and earthquake ground motion records were defined as —

df

which represents the recorded ground acceleration history. For IDA 5% damped
first-mode S,(71, 5%) was selected. The list of used ground motion records presented
in Table 3.3, where earthquake moment magnitudes (M) ranging from 4.7 to 7.4,
PGA varied from 0.005 to 0.6g and peak ground velocity (PGV) was ranged between
2to 117 cm/sec. In FEMA 273 (1997), the CP for RC frames are defined as when the
roof drift reaches 1.5% of the building height. However, according to FEMA 356
(2000) for RC wall buildings a roof drift equal to 1% and 2% of the building height
are considered as LS and CP respectively. The performance limits, IO, LS and CP
based on the inter-story drift are identified 1%, 2% and 4% in FEMA 356 (2000). A
study was done by Yakut and Yilmaz (2008) to correlate the deformation demands
with ground motion intensity. In that study 16 reinforced concrete buildings which
were designed based on the Turkish earthquake code were analysed under 80
different ground motions. However that study showed a strong correlation between
maximum inter-story drift ratio (MIDR) and roof drift ratios (AIDR), there is still a

remarkable dispersion in AIDR at a given maximum inter-story drift ratio. The study
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performed by Yakut and Yilmaz (2008), and a lower bound of AIDR with
probability of exceeding of 90% at specific MIDRs equal to 1% (I10) and 2% (LS)
were calculated to find associated performance levels of IO and LS based on the roof
drift ratio. In this case, the associated roof drift ratios corresponding to performance

levels, 10 and LS were 0.48% and 1.34% respectively, were used for the first case

study.
Table 3. 3: List of earthquake ground motions (PEER 2009)
No Event Station Angle(®) M Soil Epicentral PGA PGV
Type Distance (@) (cm/sec)
(km)
1 Oroville1975  Oroville 180  4.79 Soft soil 14 0.036 2.15
Airport
2 Oroville1975 Broadbeck 270 4.7 Soft soil 7 0.168 3.35
Residence
3 Coalinga Coalinga 90 4.89 Soft soil 9 0.2 6.4
1983
4  Dinar 1995 Burdur 180 6.4 Soft soil 39 0.3 33.17
5  Duzce 1999 Cekmece 180 7.2 Soft soil 200 0.0153 2.1
6  Duzcel999 Center 270 7.2 Soft soil 1 0.535  70.77
7  Duzce 1999 Sakarya 180 7.2 Soft soil 20 0.45 55.65
8 Erzincan Center 90 6.69 Soft soil 9 0.515  72.95
1992
9 Kocaeli Gebze 90 7.4  Soft soil 8 0.244 38.3
1999
10 Imperial El Centro 180 6.5 Alluvium 13 037 31.74
Valley 1940  Array #9
11 Kobe, Japan Takatori 90 6.9 Stiff soil 13 0.611 117.14
1995
12 Kocaeli Aydin 180 7.4 Soft soil 373 0.0054 2.79
1999
13 Kocaeli Tosya 90 7.4  Soft soil 342 0.0091 5.55
1999
14 Kocaeli Usak 270 7.4  Soft soil 237 0.014  4.59
1999
15 Loma Prieta  Saratoga - 90 6.9 Alluvium 27 0.376  48.52
1989 Aloha Ave
16  Victoria, Cerro Prieto 180 6.3 Stiff soil 34 0.5722 27.06
Mexico 1980
17 Kobe, Japan Nishi-Akashi 90 6.9 Stiff soil 9 0.4862 35.73
1995
18 Kobe, Japan Shin-Osaka 270 6.9 Stiff soil 46 0.243  32.82
1995
19 San fernando Castaic - Old 90 6.6 Alluvium 25 0.255 29.8
1971 Ridge Route
20 Kocaeli Yarimca 180 7.4  Soft soil 19 0.3055 60.51
1999
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3.4. 6 Results of Discussion for the Ground Motion Records

By performing IDA, results obtained from assessed frame was compared as a
function of time-dependent damage in the reduction of performance levels. Thus,
IDA was also used here to see applicability of developed time-dependent corrosion
model as a function of time. Figure 3.13 (a-e) shows the selected three IDA curves of

S. versus roof drift ratio of assessed frames as a function of time.
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Figure 3.13: IDA curves: (a) existing, (b) ¢: 25 years, (c) ¢: 50 years, (d) #: 75 years,
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As shown in Figure 3.13 roof drift ratio increased for the same amount of S, with
increasing time. In order to better understand the changes in roof drift ratio,
cumulative distribution function (CDF) of roof drift ratio is needed to be constructed
for each time period. Figure 3.14 indicates the CDF of roof drift ratios of each time

period according to design base earthquake hazard level (DBE).
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= &= T:25 years

—4— T:50 years

—®- -T:75 years

Cumulative distribution function

—& - T:100 years

0 0.5 1 1.5 2 2.5 3 3.5 4
Roof drift ratio (%)

Figure 3.14: Cumulative distribution function of roof drift ratio

The obtained lognormal CDF indicates that there is a serious increasing in roof
drift ratios with increasing time due to time-dependent effect of corrosion. For
instance, in Figure 3.14, the probabilities of exceeding 2% of roof drift ratio
(corresponded to CP limit state) of existing frame was only 0.3% while probabilities
of exceeding 2% of roof drift ratio of 25, 50, 75 and 100 years were 14%, 16%, 34%,
and 42%, respectively. Figure 3.14 clearly shows that after corrosion induced
structure, probabilities of exceeding of roof drift ratio increased as a function of time
and caused to decrease the performance level of assessed frame. These probabilities

of exceeding of roof drift ratio will be also higher if they are compared with
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maximum considered earthquake (MCE) hazard levels. It might be useful to notice
that different studies and codes define different thresholds of associated roof drift
ratios corresponding to performance levels (10, LS, CP). Such as FEMA 273 defined
the CP of RC frames as roof drift reaches 1.5% of the building height. Even different
thresholds of drift ratio were used; the probabilities of exceeding of roof drift ratio
would increase due to corrosion when it was compared with existing frame. Limit
states at each performance level have been defined and by summarizing the multi—
record IDA curves, 16%, 50% and 84% fragility curves were obtained for each time
period as a consequence of corrosion damage. Figure 3.15 (a-e) represent multi—

record IDA curves (16%, 50% and 84% fragility curves) of each time period.
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Figure 3.15: IDA curves and corresponding performance level into their 16%, 50%
and 84% fragility :(a) existing frame, (b) #: 25 years, (c) #: 50 years, (d) #: 75 years,
(e) t: 100 years.
According to the obtained results in Figure 3.15, for the same S,, roof drift ratio of

the frame increased with increasing time. For instance, existing frame (Figure 3.15

(a)) with S, is equal to 0.75g, 84% of earthquake records caused a roof drift ratio
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greater than 0.46% while 16% of earthquake records caused a roof drift ratio greater
than 1.01%. However, when time period was equal to 25 years at the same S,, 84%
of earthquake records caused a roof drift ratio greater than 0.75% while 16% of
earthquake records caused a roof drift ratio greater than 1.93%. Thus, 25 years after
construction, due to time-dependent effect of corrosion, 84% of earthquake records
caused to reduce performance level from 10 to LS whilst 16% of earthquake records
caused to reduce performance level from LS to CP. With increasing time at the same
S, of 50 years, 84% of earthquake records caused a roof drift ratio greater than 0.98%
while 16% of earthquake records caused a roof drift ratio greater than 1.99%. Thus,
for a time period of 50 years, 84% of earthquake records again reduced performance
level from IO to LS with a higher percentage of roof drift ratios whilst 16% of
earthquake records reduced performance level almost to collapse level based on
assumed associated roof drift ratios corresponding to performance levels. Recorded
roof drift ratios for both 75 and 100 years at the same S,, 84% of earthquake records
caused a roof drift ratio greater than 1.18%, 1.2% while 16% of earthquake records
caused a roof drift ratio greater than 2.49%, 2.67% respectively. Obtained results
clearly indicated that behaviour of RC frame damaged by the effect of corrosion as a
function of time. By summing up time-dependent reduction in cross sectional area of
reinforcement bars, reduction in concrete strength and slip, all these phenomena
provides more accurate prediction of performance level of RC structures subject to
corrosion as a function of time. This phenomenon plays an important role in
evaluation of time to strengthening of structures under the expected seismic motions
to prevent serious damage to structures. In order to define the time-dependent
performance level of the assessed frame, time-dependent fragility curves of

probabilistic structural damage estimation of each time period were obtained in terms
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of PGA for each limit state. Figure 3.16 (a-c) show fragility curves in terms of PGA
as a function of time. Table 3.4 summarizes the results of fragility curves based on
probability of exceeding of limit states as 10, LS and CP of assessed frame as a
function of corrosion rate for different time periods at different seismic zones (

through Z, to Z4) according to recommended A by Turkish earthquake code (2007).

L= ——-
. < ~ - _,.—"'— ----- Existing (non-

// Sy ’/*’ corroded)
L 08 - Sy g
2 /! ’
= , / , — — T:25 years
2 oy /
S 06 /4 / ~
S . ’
= il /
é / ; / ',’ T:50 years
& o] /
%‘ 04 h / ) / ,,
2 * /
£ 2 / /! = = T:75 years
2 / I' ,’
= / Y3
g 024 -0/

. U
/,/ /z = - - T:100 years
. 4
O *'/' {/’\’ T T

0o 01 02 03 04 05 06 07 08 09 1

Peak ground acceleration (g)

(a)
1
P Existing (non-
T corroded)
0.8 - > adl e
: : /’/7 /’/ T:25 years
= -2 P ey
g S '/'
€ 06 Z/ s L
e
’E //.' 7 /'
= R / Pid T:50 years
= / ’ / I’,
S
2 04 - 7 / ot
= 7 pid
@ / / S =+ = T:75 years
= 0.2 - / / ,/
: g -
&) / ///’ — - - T:100 years
,I
0 et /‘%_(”T T T T T T

0 0r 02 03 04 05 06 07 08 09 1

Peak ground acceleration (g)

(b)
66



1 ]
- "/ | ———-- Existing (non-
ey ~ corroded)
£ 08 - e
£ s
= ¥4 7 /" — —T:25 years
£ //’ / ,,t
£ 06 - S s
5 4 /7 ”
= . / L T:50 years
S
z /7
= 04 4 e / S
g /! / /’ ==« *T:75 years
E / ‘ / e ’
= ’
E 02 Y
O 4 -~
LSS L ~ + - T:100 years
2SS
0 — '—r‘/.A {”’ T T T T T T T
0 01 02 03 04 05 06 07 08 09 1
Peak ground acceleration (g)
(c)

Figure 3.16: Fragility curves of limit states: (a) immediate occupancy, (b) life safety,
(c) collapse prevention.

Table 3. 4: Probability of exceeding of limit states of IO, LS and CP at different
seismic zones.

PGA(g)-Seismic Zone

Agp: 0.4 Agp: 0.3 Ag: 0.2 Agp: 0.1
Frame Limit state 74 7, Z;3 Z4
I0 58 39 17 1.7
LS 25 13 4 0.19
Existing Cp 15 5 0.65 0.0046
10 86 70 39 5
LS 40 23 8 0.6
T: 25 years CP 29 12 2 0.02
I0 91 78 50 10
LS 49 33 17 3
T: 50 years CP 37 18 4 0.09
10 94 86 63 17
LS 55 43 27 9
T: 75 years CP 45 25 8 0.3
I0 95 89 74 33
LS 58 45 28 9
T: 100 years CP 48 28 10 0.5

As shown in Figure 3.16 and Table 3.4, there is a high seismic risk for both first
seismic zone (Z;) and second seismic zone (Z;) due to time-dependent effects of
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corrosion. At first seismic zone, probability of exceeding the Ilimit state
corresponding to IO was 58% for existing frame while this probability was 86% after
25 years. This probability of exceeding limit state increased to 91% after 50 years.
For CP limit states of first seismic zone, probability of exceeding limit state
increased from 15% to 29%, 37% after 25 and 50 years respectively. At second
seismic zone, probability of exceeding of limit state corresponding to 10 was 39%
for existing frame while this probability increased to 70% after 25 years. For the
same seismic zone (Z;), probability of exceeding limit state corresponding to CP was
5% while this probability was 12% after 25 years. Beside these, there were strong
relationships between obtained results of slip displacements and fragility curves
(Figure 3.13 and 3.17(a-c)). According to Figure 3.12 and results in Table 3.2, during
propagation of corrosion phases, additional displacement due to slip has a serious
effect to reduce the performance level of the existing frame. According to Table 3.4,
probabilities of exceeding of limit states corresponding to the performance levels
were rising sharply between the time periods of existing and 25 years. However, for
the next time periods, these probabilities of exceeding was increasing slightly,
reaching their maximum values as a function of time. Same results were also
obtained in Figure 3.14 where probabilities of exceeding 2% of roof drift ratio
increased rapidly for the same time periods of ranges, then continued to increase
slightly for the next time periods. The following section 3.5 demonstrates another

case study of MDOF system.
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35 A Case Study of Time-dependent Nonlinear Seismic
Performance Assessment of a Corroded 50-year-old Reinforced

Concrete Building

In this case study, different than previous one, a MDOF system was performed.
Particularly, different than previous case study, plastic hinge properties were taken
into account by modified moment-curvature relationships due to different effects of
corrosion.

In this case study a corroded 50 years age of a high school building was analysed
as a function of time. Obtained experimental data at the construction were used to
predict the performance level of the structure for different time periods by combining
two major effects of corrosion. Deformation due to bond-slip relationships and loss
in cross sectional area of reinforcement bars were examined as a function of
corrosion rate for different five time periods (i.e., non-corroded, 25,50 (existing) ,75
and 100 years). Time-dependent plastic hinges properties were defined as a
consequence of corrosion effects and they were used to perform nonlinear push-over
analyses. Then nonlinear IDA was performed under individual 20 earthquake ground
motion records to predict the time-dependent performance levels of the structure as a
function of corrosion rate. Results showed that corrosion has a serious effect to

define time-dependent performance levels of the structures by loosing bond strength.

3.5.1 Description of the Analyzed Structure

Analysed high school building was one of the selected buildings of a project
directed by Eren and Sensoy (2010). Eren and Sensoy (2010) in that study developed
the strength-age-permeability-corrosion potential relations for the concrete by
assessing eight different existing RC building in Famagusta with different distances

from sea and different age of the structures. Figure 3.17 shows the analysed existing
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high school building for present study. The performed building has three storeys with
a total height of 14 m. Distance of building to sea is 840 m which has 90 %

probability of corrosion potential based on half cell test.

Selected frame.

Figure 3.17: Analysed high school building.

Building consists of three main different blocks. For present study a frame of
main entrance block was investigated. Storey heights of the selected frame were
identical and equal to 4.7 m. The slabs thickness of the frame is 17 cm, where
calculated additional dead and live loads of the slap were 500 kg/m”. Soil class was
classified as soft clay (group D), building importance factor was taken as 1.4 and
effective ground acceleration coefficient (Ap) is taken 0.3g (seismic zone 2)
according to Turkish earthquake code (2007). Comprehensive information was
collected for the assessed high school building study done by Eren and Sensoy
(2010). With this scope, 20% of the beams and columns were opened to identify
amount and dimensional properties of reinforcement bars. Figures 3.18, 3.19 and
3.20 show an opened interior beam, outer and interior columns from the selected

frame respectively.
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Figure 3.18: Opened interior beam from selected frame.

Figure 3.20: Inside face of S; column.
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For present study, a number of reinforcement bars were taken from the outer faces
and inside faces of the structural element to calculate the corrosion rate. According to
the described standard ASTM G1-03 (2003), mechanical cleaning was done to
calculate the corrosion rate by removing the corrosion product from the surface of
reinforcement bars. Calculated corrosion rates of outer face and inside face of
structural members were 5.37 pA/cm” and 0.64 pA/ecm?, respectively. In order to
indentify the concrete compressive strength, core test was done by taking core
samples from 10% of the total number of the columns. Calculated average concrete
compressive strength of 50 years after construction was 31 MPa for the corroded RC
columns. Based on experimental study, measured concrete cover for columns and
beams were 2.5 cm, spacing of reinforcement bars were almost adjacent to each other
for many assessed columns. Detail reinforcement bars of columns and beams are
shown in Figure 3.21. In Figure 3.21 before corrosion occurred, the lateral

reinforcement bars of columns and beams were ¢10/150 and $10/250 respectively.

7425 2912
o s os
= S :

3625 o I,O;

2.5

7425 4 6014

Figure 3.21: Details of reinforcement bars before corrosion induced (dimensions in
cm): (a) columns, (b) beams.
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Vertical distributed loads that are used in the analyses are depicted in Figure 3.22.
Dimensions of all columns are identical and equal to 50 by 100 cm with same detail

of reinforcement bars.

19 kN/m 23 kN/m 19 kN/m

VULLlll b sossd Ll

RN RS NN

40/50

30 kN/m

RN AR MR

Figure 3.22: Vertical loads used in the analyses.

3.5.2 Time-dependent Behaviour of RC Sections

Once the time-dependent loss in cross sectional area of the reinforcement bars is
known, the time-dependent slip deformation can be obtained by using time-
dependent moment—curvature relationships as a consequence of corrosion effects.
Therefore, the present study goes one step further by considering the bond-slip
relationships of the MDOF frame as a consequence of corrosion effects. In this study
a novel bond-slip model developed by Sezen and Setzler (2008) was used to predict
the slip displacement. The model developed by Sezen and Setzler (2008) has not
been performed to predict the performance level of corroded RC members as a
function of time. Therefore, uniform bond stress was assumed by Sezen and Setzler

(2008). For the present study, in order to predict the slip rotation as a consequence of
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corrosion effects, the bond stress was adopted from the study done by Stanish et al.
(1999) to calculate the bond stress as a function of corrosion level instead of the
uniform bond stress assumed by Sezen and Setzler (2008). With the model developed

by Stanish et al. (1999), the 95% confidence level is expressed by equation 3.40:

“p
— b _0.63-0.041x (3.40)

7.

where x is the percent of mass loss of the steel bar. The model developed by Stanish
et al. (1999) was obtained based on the results of tests of RC slabs without stirrups.
It is well known that transverse reinforcement has a major effect on the bond strength
between concrete and corroded longitudinal reinforcement. Therefore, in order to
ensure the effect of transverse reinforcement, a modification was done for the model
develop by Stanish et al. (1999) by using the general development length expression
in ACI 318 (2005) which includes the effect of transverse reinforcement. According

to ACI 318 (2005), development length can be calculated by given equation. 3.41:

0.9 sy el d 2 fy

d Cb+Ktr b NV

where, y; 1s the reinforcement size factor, y, is the traditional reinforcement location

! (3.41)

factor to reflect the adverse effects of the top reinforcement casting position, v, is a
coating factor reflecting the effects of epoxy coating, ¢, represents the confinement
provided by the encasing concrete to resist a bond splitting failure, K, is the
confinement attributed to transverse reinforcement, ¢; is a factor that represents the
smallest of the side cover. From basic mechanics, the required development length

as a function of bond stress can be calculated by given equation 3.42:

74



f.d
= 2Yh (3.42)

“p

T

Thus, assuming uniform bond stress, can be written as given equation 3.43:

Uy, =fydb 1

By substituting for /; from equation 3.41 into equation 3.43, the bond strength of the

(3.43)

uncorroded reinforcement bars according to ACI 318 code (2005) can be written as

given equation 3.44:

u, _ cp t Ktr
J [, 38y Ady)

(3.44)

The ratio of bond strength of corroded to non-corroded reinforcement bars

(x=0%) based on the model developed by Stanish et al. (1999) yield as;

corroded
“b
Ve
uncorroded 1-0.065x
“p

V7.
Thus, according to ACI 318 (2005), the bond strength with effect of transverse

reinforcement and as a function of corrosion rate can be written as given equation

3.45:

b (1-0.065x) by (3.45)
= —VU. X .
[ I, 3.6(y yw Ady)
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The proposed equations 3.44 and 3.45 include effect of all parameters on bond
strength. If the reinforcement bars are corroded, these derivations assume that effect
of corrosion and transverse bars are a reduction in their confinement effect. Given
equations 3.44 and 3.45 were adopted in the model developed by Sezen and Setzler
(2008) for the prediction of slip rotations as a function of corrosion rate.
Experimentally obtained corrosion rates were used to predict loss in cross sectional
area of reinforcement bars. As it is expected, due to chloride diffusion which ions or
molecules move from an area of higher concentrations to lower concentrations,
different corrosion rates occurs for the same structural members. As it is shown in
Figures 3.19 and 3.20, outface of the column have more corrosion rate then inside
face of the same column. Therefore, in order to predict more accurate time-
dependent behaviour of RC sections, different corrosion rates were taken into
account in nonlinear analyses based on inside and outface of columns. Based on
experimental works, the loss of cross sectional area in the reinforcement bars of the
outer faces of columns after 25, 50, 75 and 100 years were 12.45%, 24.89%, 37.34%,
and 49.79%, and the loss of cross sectional area of the reinforcement bars in the
inside faces of the columns and beams were 1.47%, 2.95%, 4.24%, and 5.89%,
respectively. The predicted loss of cross sectional area in the reinforcement bars were
used to predict time-dependent moment-curvature relationships. For each story of
columns for five different time periods, a total of 60 time-dependent moment-
curvature relationships were obtained as a function of corrosion rate for two different
models, one developed by Kent and Park (1971) and the other by Saatcioglu and
Razvi (1992). A newly developed software program SEMAp (Inet et al., 2009) was
used. SEMAp (Inet et al., 2009) lets the user define the exact location and spacing of

the reinforcement bars with their mechanical properties. Moreover, the stress-strain
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relationships of steel and concrete can be modelled by the user. Predicted time-
dependent moment-curvature relationships of ground, first, and second floors of S;

and S3 columns are shown in Figures 3.23 and 3.24 respectively.
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Figure 3.23: Time-dependent moment-curvature relationships of S; column: (a)
ground floor, (b) first floor, (c¢) second floor
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Figure 3.24: Time-dependent moment-curvature relationships of S; column: (a)
ground floor, (b) first floor, (¢) second floor.

As it is known, occurred energy due to friction between composite materials and

movement of structures need to be absorbed during earthquakes. Therefore, in order
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to prevent heavy damage of RC structures, these energy absorptions can be proven
by small damages on structures, that is why it is a general expectation by engineers
to have small damages during earthquakes. In Figures 3.23 and 3.24, the area under
the curvature represents the stored or dissipated energy by RC columns. As shown in
Figures 3.23 and 3.24, due to time-dependent corrosion effect, section capacity and
energy dissipation reduced as a function of time whilst rotation increased for fewer
amounts of moment values which cause to increase lateral displacement. Stiffness
degradation occurs due to premature yielding of reinforcement bars as shown in
Figures 3.23 and 3.24. For instance, premature yielding moment of ground floor of
S; column, corresponding time periods of 25, 50 (existing structure), 75 and 100
years were 15%, 29%, 47%, and 61%, respectively. For the same floor of premature
yielding moment of S; column, corresponding time periods of 25, 50 (existing
structure), 75 and 100 years were 13%, 25%, 38%, and 52%, respectively. Loss in
area of tensile steel bars due to corrosion, the depth of the neutral axis also reduces,
and curvature increases with a less value of yielding moments. Thus, at crack
segment, stiffness of the section reduces as a function of time as a consequence of
corrosion effect. Time-dependent changes in the depth of the neutral axis along the
corroded RC members of S; and S; columns are shown in Figures 3.25 and 3.26
respectively. In Figures 3.25 and 3.26, reductions in the depth of the neutral axis

were calculated when maximum compressive strain in concrete was equal to 0.003.
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Figure 3.25: Time-dependent changes of the neutral axis of S;
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Figure 3.26: Time-dependent changes of the neutral axis of Ss.

Due to time-dependent effects of corrosion, reduction in load carrying capacity of
a RC column subjected axial loading can be evaluated from a moment-load (M-N)
interaction diagram. The results of time-dependent M-N interaction diagrams of

ground floor of S; column are plotted in Figure 3.27 as a function corrosion rate by
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considering two different models developed by Kent and Park (1971), and Saatcioglu

and Razvi (1992).
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Figure 3.27: Time-dependent M-N diagrams of S; column: (a) Kent and Park (1971),
(b) Saatcioglu and Razvi (1992).
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Time-dependent interaction diagrams provide prediction of moment capacity of
sections. In Figure 3.27, line of 0.54.f.' represent the maximum allowable load that
can be carried by a section according to Turkish earthquake code (2007), where A4, is
the gross sectional area of a section. On this line, moment capacity of a corroded RC
section reduced as a function of time due to corrosion. When time was equal to zero
(non-corroded), the moment capacity of S; column (see Figure 3.27 (a)) based on
Kent and Park model (1971) was 2857 kN-m on this line, but this capacity decreased
to 2598 kN-m, 2411 kN-m, 2255 kN-m, 2112 kN-m after 25, 50 (existing structure),
75 and 100 years respectively. These results also support the above finding about
time-dependent changes of the depth of the neutral axis of the corroded RC sections.
Results indicate that reduction in depth of the neutral axis and moment capacity
decreases with increased corrosion rate. Based on result of time-dependent moment-
curvature relationships, changes in depth of neutral axis and M-N interaction
diagrams, there was not much difference between models developed by Kent and
Park (1971), and Saatcioglu and Razvi (1992). Therefore, author of this study used
results of model developed by Kent and Park (1971) for time-dependent moment-
curvature relationships. It should be noted that even model developed by Saatcioglu
and Razvi (1992) would have been used for further analyses; the reduction in
performance level would be inevitable in IDA when time-dependent assessed frames

are compared with non-corroded frame.

3.5.3 Time-dependent Nonlinear Frame Analyses

Predicted time-dependent moment-curvature relationships were used in order to
perform time-dependent nonlinear push-over analyses. SAP 2000 (CSI, 2000)
program was used to analyse the selected frame. In order to ensure the effects of

corrosion on the structural behaviour during push-over analyses, user-defined plastic
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hinges properties are needed to be modelled for each corresponding time periods. For
this reason nonlinear analysis of RC columns based on the moment-curvature
relationships was predicted as a function of corrosion rate for different time periods.
Force-deformation behaviour is also needed to be plotted to define the behaviour of a
plastic hinge properties. Figure 3.28 shows force-deformation relationships to define
the behaviour of a plastic hinge by FEMA-356 (2000). On Figure 3.28 labelled A, B,
C, D defines force-deformation behaviour which is detail explained by FEMA-356
(2000). The locations of hinges of assessed frame were located according to study
done by Inel and Ozmen (2006) as shown in Figure 3.29.
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Figure 3. 28: Force-deformation relationship of a plastic hinge.
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Figure 3.29: Hinge locations at columns and beams.
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By using moment-rotation relationships instead of moment-curvature, length of
the plastic hinges can be taken into account directly in nonlinear analyses. Therefore,
predicted time-dependent moment-curvature relationships as a consequence of
corrosion effects are used to calculate rotation of plastic hinges of each case of
structural members. The rotation of plastic hinges can be easily calculated by
interaction between length of plastic hinge and curvature at a point by given equation
3.46 (Varghese; 2006). Figure 3.30 shows calculated moment-rotation for two

different time periods of ground floor of S; column.
The rotation of plastic hinge: [ ds : L p 0 (3.46)
1600 -

1400

1200

—_
[
(=]
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(existing)

Moment (kN-m)
[ [2e)
S (=]
S [«

moment-rotation

O T T T 1

0 0.05 0.1 0.15
Curvature (rad/m)
Figure 3.30: Moment-rotation from predicted moment-curvature relationships.

In equation 3.46, L, is the plastic hinge length, ¢ is the curvature at a point. The
lengths of the plastic hinges are calculated according to Park and Paulay (1975) by
given equation:

L =0.5H (3.47)
p

where H is the related section depth of element.
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Predicted time-dependent moment-curvature relationships of columns and beams
were used to calculate time-dependent moment-rotation relationships and then plastic
hinge properties. For five different time periods, calculated different plastic hinge
properties were assigned to each floor at both ends of beams and columns of assessed
frame according to corresponding time periods. Thus, assessed frame was analysed
according to its own deformation capacity under the time-dependent effect of
corrosion. In order to perform nonlinear push-over analyses triangular lateral load
pattern was applied to the frame. Of course different load patterns will result in
different displacement, but this is not the case to investigate the time-dependent
effect of corrosion in nonlinear push-over analyses for present study. Figure 3.31
shows the time-dependent push-over analyses of the selected frame as a function of
corrosion rate by taking into account the two major effects of corrosion (loss in cross

sectional area of reinforcement bars and reduction in concrete compressive strength).
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Figure 3.31: Time-dependent load- top displacement relationships.
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In Figure 3.31 time-dependent results of push-over analyses indicate that there is
an obvious deterioration in the section capacity due to corrosion resulting decrease in
ductility, initial and post yielding stiffness of the structure. Predicted first push-over
analyses was used to predict time-dependent slip rotation of reinforcement bars of
each column of floors by recording time-dependent effective depth of the neutral
axis, strain and stress in reinforcing bar from predicted time-dependent moment-
curvature relationships (see Figures 3.23 and 3.24). If the force and corresponding
maximum moment (My,.x) of the column base are known, time-dependent slip
rotation can be calculated by using equations 2.18 and 2.19. As it was expected more
slip rotation occurs for the columns of ground floor due to maximum moment of the
column base. Time-dependent relationships between calculated maximum moments
and corresponding slip rotations of reinforcement bar embedded in ground floor of S;

column are shown in Figure 3.32.
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Figure 3.32: Time-dependent slip rotation of S; column.

According to results of slip rotation, for each plateau of reinforcement bars, more

slip displacement occurs with a less amount of lateral force due to corrosion. Once
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the corrosion phases begin, the effect of corrosion resulting in slip will be higher
during propagation period which varies from first cracking to loss of load-carrying
capacity of sections. In order to ensure the effect of time-dependent slip rotation on
the global structural behaviour, target post-yield stiffness of each structural members
are modified according to the procedure described by Lepage et al. (2008) as a
function of time. For each time period, corrected yield and ultimate points by
including the bond-slip relationships provide new coordinates on the time-dependent
moment-rotation relationships in order to redefine the load-deformation behaviour of
each column. In another words, time-dependent plastic hinge properties were
redefined by taking into account the effect of bond-slip relationships for five time
periods of each floor of structural members to perform non-linear push over analyses.
By using triangular load pattern, predicted relationships between base shear force
against control displacement as a function of time is shown in Figure 3.33. Thus,
Figure 3.33 represents the results of two combined major effects of corrosion as a

function of time.
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Figure 3.33: Time-dependent load- top displacement relationships due to slip in
reinforcement bars.
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In Figure 3.33, additional displacements caused by slip are 15%, 22% for non-
corroded and 25 years after construction respectively. Recorded additional
displacement of existing structure (t: 50 years) by considering slip is 38%. As it is
shown in Figure 3.32, by increasing time, same amount of slip occurs for the fewer
amounts of moment values due to corrosion. However, effect of slip after 50 years
was not effective as much as time period between non-corroded and 50 years after
construction. For instance, when time is equal to 75 years, recorded additional
displacement due to slip was 18% while no additional displacement was recorded
due to slip for the time period of 100 years after performing push-over analyses. This
can be explained by the reduction in the moment capacity of the sections. After 50
years, concrete crushes before reinforcing bars exceeding strain hardening region due
to losing in moment capacities of section and reaching their ultimate performance
level. This is why the procedure described by Lepage et al. (2008) was applied in the
present study by modifying the target post-yield stiffness to perform the push-over
analyses instead of adding additional displacement due slip to the obtained first time-
dependent load-displacement relationships (see Figure 3.33). Combined two major
effects of corrosion were used to predict time-dependent performance level of the

corroded frame by the following section.

3.5.4 Incremental Dynamic Analysis

Suggested corrosion methodology was performed by using IDA under individual
of 20 ground motion earthquake records. Limit states at each performance level have
been defined and summarizing the multi-record IDA curves, 16%, 50% and 84%
fragility curves were obtained. At the end, fragility curves of probabilistic structural
damage estimation were obtained in terms of peak ground acceleration (PGA) for

each performance level. For current study, associated roof drift ratios corresponding
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to performance levels; immediate occupancy (IO), life safety (LS) and collapse
prevention (CP) were adopted from study done by Ramamoorthy et al. (2006) and
reduced drift values of 0.5, 1, and 2% were used for 10, LS, and CP respectively. In
order to perform IDA NONLIN (1998) software program was used. For IDA 5%
damped first-mode spectral acceleration (S, (71, 5%)) was selected. The list of used
ground motion records presented in Table 3.5 where earthquake moment magnitudes
(M) ranging from 4.7 to 7.51, PGA varied from 0.016 to 0.875g and peak ground

velocity (PGV) is ranged between 1.65 to 117 cm/sec.

Table 3. 5: List of earthquake ground motions (PEER; 2009)

Mo Evant Station Angla™ ML Sodl Epigentml PGA P&
Typ= Dviztamos (g {omzac)
(o)
1 Owowilla, 1975 Brad back 270 4.7 Soft 2odl ) 0.168 3.35
F.azidenca
2  Copalinga 1983 Coalinga o 4 B0 Boft 2odl o 0.2 6.4
3 Dimar, T, B 180 640 BSoft 2odl 3057 0.0411 4.65
1805
4 Dhimar Tetkes Camtar o 6,40 Boft 2odl 044 0,352 3317
1205
5 Dhusce Twrkes Ealu o 7.14 Boft 2odl 41.27 0,822  50.6R
1000
& Dhmoz Turkes Camtar 2T 7.14 Goft 20dl 181 0.535 077
1000
T Emicsn Tk Emingan ol 6,60 DSoft 2odl Ba7 0.515 T1.85
1202
2 Grzaca 1981 Corinth o 660 Boft 2odl 1892 0.24 1545
©  Izmir, Tudeay [zmir ol 5.30 Soft z2odl 110 0.41 013
1877
10 Eoba, Japsn Takatnri. o 6.0 Boft 2odl 13.12 0616 117.14
1805
11 Faocasli, Twdkey Ealikesin 180 7.51 Boftsod  21E.64 0.017 488
15040
12 FEaocasli, Twdkey Tk ol 7.51 Eoft z2odl 237 0.016 4.58
15040
13 Egrand, Gresca Famam 180 510 Boft 2odl 11.85 0.276 13.25
1805
14 e Fimatumbs 130 570 Allwwinm 4578 0,042 10.1%
Zealand 19402 Substation
15 Mogcia, Itsly Eavamna 2T 590 Soft 2odl 3587 0.04 165
1279
18 Northridga, E=vary Hills ol 6,60 DSoft 2odl 16.27 0617 3282
1004
17 Opoville, 1975 Orovilla 37 580 Allwvivm 1258 0,002 314
Seizmorraph
18 Ban Ceentach Tnvestis o 580 Boft 2odl T.83 0875 47.36
Salvador, 1086 Coamtar
18 Wictoria, Camo Bristo ol §.33 Soft z2odl 33.73 0.621 2706
lamico 1980
20 Dhmee, Tukey Yarimea &0 7.14 Eoft z2odl 115.80 0.022 508
1800
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3.5.5 Discussion on results Ground Motion Records

By performing IDA, results obtained from assessed frame were compared as a
function of time to investigate the reduction in the performance levels due to
corrosion. It should be noted that in this case study, MDOF system turned in through
the use of an equivalent SDOF system with properties defined based on the results
from pushover analysis. Figs. 3.34(a-b) show IDA curves of non-corroded and
existing (z: 50 years) frames. In Figs. 3.34(a-b), average inter story drift ratios
(AIDRs) were obtained by dividing the maximum roof displacement by the building

height (14.1 m).
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Figure 3.34: IDA curves: (a) T: 0 (non-corroded), (b) T: 50 years (existing).

By increasing the S,, the building shows a nonlinear response; and based on the
property of each record the response of structure was effected by time due to
corrosion for different S,. In order to better understand the changes in roof drift ratio,
cumulative distribution function (CDF) of roof drift ratio is needed to be constructed
for each time period. Figure 3.35 shows the CDF of roof drift ratios of each time

period according to design base earthquake hazard level (DBE).
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Figure 3.35: Cumulative distribution function of roof drift ratio.

The obtained lognormal CDF indicates that there is a serious increasing of roof
drift ratios with increasing time due to time-dependent effect of corrosion. For
instance, in Figure 3.35, the probabilities of exceeding 2% of roof drift ratio
(corresponded to CP limit state based on DBE) of non-corroded frame was only
3.6% while probabilities of exceeding 2% of roof drift ratios of 25, 50, 75 and 100
years were 19%, 45%, 95%, and 99%, respectively. Figure 3.35 clearly shows that
after corrosion induced structure, probabilities of exceeding of roof drift ratio
increased as a function of time and caused to decrease the performance level of
assessed frame. These probabilities of exceeding of roof drift ratio will be also higher
if they are compared with maximum considered earthquake (MCE) hazard levels. In
Figure 3.35 selected two time periods (#: 0 and #: 50 years) of roof drift ratio for non-
corroded and existing buildings are also shown at MCE hazard level. According to
Figure 3.35, non-corroded building at MCE hazard level has approximately same

probability (20%) of exceeding 2% of roof drift ratio as 25 years after construction at
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DBE hazard level. This probability for existing building was (t: 50 years MCE) 80%
at MCE hazard level. Thus, it is not difficult to indicate that corrosion has a serious
damage during earthquake as a function of time. As mentioned earlier, limit states at
each performance level have been defined and by summarizing the multi—record IDA
curves, 16%, 50% and 84% fragility curves were obtained for each time period as a
consequence of corrosion damage. Figure 3.36 (a-d) represent multi-record IDA

curves of four time periods.
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Figure 3.36: IDA curves and corresponding performance level into their 16%, 50%

and 84% fragility: (a) #: 0 (non-corroded), (b) #: 25 years, (c) t: 50 years (existing),
(d) #: 75 years.

The main goal of IDA curves here was to define the reduction in performance
levels of assessed frames according to the considered thresholds of roof drift ratios
values of 0.5% (I0), 1% (LS), and 2% (CP). In Figure 3.36 (a), non-corroded frame
with S, is equal to 0.5g, 84% of earthquake records caused a roof drift ratio greater
than 0.39% while 16% of earthquake records caused a roof drift ratio greater than
0.63%. When time period was equal to 25 years at the same S,, 84% of earthquake
records caused a roof drift ratio greater than 0.54% while 16% of earthquake records
caused a roof drift ratio greater than 0.87%. Thus, 25 years after construction, due to
time-dependent effect of corrosion, 84% of earthquake records caused to reduce
performance level from IO to LS whilst 16% of earthquake records kept the
performance level as LS by increasing the roof drift ratio. By increasing time at the

same S, of 50 years (existing structure), 84% of earthquake records caused a roof
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drift ratio greater than 0.73% while 16% of earthquake records caused a roof drift
ratio greater than 1.15%. Thus, 50 years after construction, 84% of earthquake
records caused to reduce performance level from IO to LS whilst 16% of earthquake
records caused to reduce performance level from LS to CP. According to the Turkish
earthquake code (2007), the expected performance level is 10 after an earthquake
which building has an important factor of 1.4. Therefore, it can be concluded that the
performance level of the existing building seriously affected by corrosion. These
reductions in performance levels reaches to collapse level after 75 years for the same
Sa where 84% of earthquake records caused a roof drift ratio greater than 1.14% (CP)
while 16% of earthquake records caused a roof drift ratio greater than 2.37%
(collapse). Of course, by increasing S, these comparisons will be more dramatically
due to corrosion as shown in Figure 3.36 (a-d). In Figure 3.37 (a-c), fragility curves
at three performance levels were also predicted in terms of peak ground acceleration

as a function of time.
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Figure 3.37: Fragility curves of limit states: (a) immediate occupancy, (b) life safety,
(c) collapse prevention.
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Table 3.6 summarizes the results of these fragility curves based on probability of
exceeding of limit states as 10, LS and CP of assessed frame as a function of
corrosion rate for different time periods at different seismic zones ( through Z; to Zs)

according to recommended A, by Turkish earthquake code (2007).

Table 3. 6: Probability of exceeding of limit states of IO, LS and CP at different
seismic zones.

Limit Seismic Zone-PGA(g)
Frame state Ap:0.4 Ap:0.3 Ap:0.2 Ap0.1
Zi(n) L (%) Z3 (%) Zi(N)
(0] 39 29 16 4
T: 0 (non-corroded) LS 29 20 11.5 3.2
CP 11 3.8 0.5 4.4E-05
(0] 55 44 29 11.4
T: 25 years LS 34.2 25.4 15.3 5.06
CpP 22 6.5 0.54 5.5E-04
1(0) 58.3 48.2 343 15.4
T: 50 years (existing) LS 39.5 29.4 17.5 5.5
CpP 47 16 1.09 5.2E-03
(0] 69 58 42 19
T: 75 years LS 52 42 28 11
CP 84 49 7 0.04
(0] 78 67 50 22
T: 100 years LS 57 46 31 12.5
CP 96 67 7.8 0.06

As shown in Figure 3.37 (a-c) and summarised results in Table 3.6; exceptions of
seismic zone four (Z4), there is a high seismic risk for other seismic zones due to
time-dependent effects of corrosion. At first seismic zone (Z;) of non-corroded
frame, probability of exceeding the limit state corresponding to 10 was 39% while
this probability was 55% after 25 years. This probability of exceeding limit state
increased to 58%, 69% after 50 and 75 years respectively. For CP limit states of first
seismic zone, probability of exceeding limit state increased from 11% to 22%, 47% ,
84% after 25, 50 and 75 years respectively. At second seismic zone of non-corroded

frame, calculated probability of exceeding of limit state corresponding to 10 was
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29% while this probability increased to 48% for existing frame. For the same seismic
zone (Z;) of non-corroded frame, probability of exceeding limit state corresponding
to CP was 3.8% while this probability was 16% for existing frame. Results clearly
showed that performance levels of the structure are affected due to corrosion by
increasing time. By taken into account the time-dependent loss in cross sectional area
of reinforcement bars, and slip, all these phenomena provides more accurate
prediction of performance level of RC structures subject to corrosion as a function of
time. This phenomenon plays an important role in evaluation of time to strengthening
of structures under the expected seismic motions to prevent serious damage of

structures.

3.6 Third case study: Effect of Corrosion Damage on the
Performance Level of a 25-year-old Reinforced Concrete Building in

North Cyprus

In this case study, different than previous case studies, a three dimensional system
was performed. Particularly, different than first case study and like second case
study, plastic hinge properties were taken into account by modified moment-
curvature relationships due to different effects of corrosion.

A corroded, 25-year-old high school building which has been demolished at an
earlier time was analyzed as a function of corrosion rate. Bond-slip relationships
were taken into account in nonlinear analyses as a function of corrosion rate for
different time periods (i.e; non-corroded (z: 0), existing (#: 25) and 50 years after
construction); and they were used to ensure the effect of time-dependent slip rotation
on the global structural behaviour by modifying the target post-yield stiffness of each
structural member. Nonlinear push-over analyses were performed by defining the
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time-dependent plastic hinge properties as a consequence of corrosion effects. In

order to define the performance levels of three different time periods, nonlinear IDA

were performed for 20 earthquake ground motion records as a function of corrosion

rate. Results showed that bond-slip relationship between concrete and steel is very

important in evaluating the non-linear behaviour of corroded RC structures.

3.6.1 Description of the Analyzed Building

Figures 3.38 and 3.39 show the general view and plan of analyzed high school

building with dimensions of beams (dimensions in cm), respectively.

Figure 3.38: Analyzed high school building.
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Figure 3.39: Plan of building.
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In Figure 3.39, all columns had 30x 45 cm cross section. The plan of the building
was symmetrical about in X direction having a total length and width of 37.37 m and
8.87 m, respectively. The building has one story, with a total height of 4.10 m. The
distance from the building to the sea was 2380 m, which gave an 85% probability of
corrosion potential based on half-cell tests. The slab thickness of the building was 15
cm, and the calculated additional dead and live loads of the slab were 1.5 kN/m®. The
calculated total weight of the structure was 400 kN. The soil class was classified as
soft clay (group D), the building importance factor was taken as 1.4, and the effective
ground acceleration coefficient (A() was taken as 0.3 g (seismic zone 2) according to
Turkish earthquake code 2007 (TEQ, 2007). The field evaluations were done in
order to model and assess the RC structure by series of destructive and non-
destructive tests. Because of safety issues where spalling of concrete was exited due
to corrosion, the building was rounded by barrier tape for safety consideration after
the primarily structural condition survey of the building. In order to identify the
amount and dimensional properties of the reinforcement bars, selected columns faces
were opened from the different point of the building. For the beams and the
remaining columns, non-destructive (ferro scanning) method was used to define the
amount of reinforcement bars. Figure 3.40 shows an opened outer column from the
building. Most of the reinforcement details of beams were visible due to the volume
expansion of the corrosion rust which caused spalling of concrete cover as shown in
Figure 3.41. Based on the experimental study, the measured concrete covers for the
columns and beams were 3.5 cm where the details of the reinforcement bars are also

shown in Figures 3.40 and 3.41, respectively.
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Figure 3.41: Volume expansion of corrosion rust.

3.6.2 Corrosion Rate and Non-linear Material Modelling
A number of corroded and non-corroded reinforcement bars were taken from the

building to investigate the mechanical properties and the corrosion rate of
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reinforcement bars. The mechanical properties of the non-corroded reinforcement
bars where the yield strength (f;,) was 303 MPa, the rupture strength (f;, ) was equal
to 433 MPa, the yield strain (&) was equal to 0.0015, the strain hardening (&) was
equal to 0.011, the rupture extension (&5,) was equal to 16%, and the elastic modulus

of strain hardening region (Ey;) was equal to 1745 MPa. The elastic modulus of
concrete (E, =3250,/f. +14000 MPa) was calculated according to Turkish

standard 500 (TS 500, 2000). In order to calculate the corrosion rate of reinforcement
bars of columns and beams, chemical cleaning was done by using hydrochloric acid
(12% by weight of water) to remove the corrosion product from the surface of
reinforcement bars according to the described standard ASTM G1-03 (ASTM G1-03,
2003). Calculated corrosion rate 25 years after construction was 2.43 pA/cm?’. Thus,
the calculated mass losses (Ay,) of longitudinal reinforcement bars of columns were
16.84% and 33.7% after 25 and 50 years, respectively (Awzs: 16.84%, Ayso:
32.13%). Because of corrosion, the mechanical properties of a reinforcement bar
change as a function of mass loss. Therefore, a well known empirical model
developed by Lee and Cho (2009) was used to predict the mechanical properties of
corroded reinforcement bars. The model developed by Lee and Cho (2009) calculates
the yield point, the minimum rupture strength and the elastic modulus of corroded

reinforcement bars by using equations 3.48 to 3.51.

ey = (1-1.24(A,, /100)) fs, (3.48)
fosu = (1=1.07(A,, /100)) f, (3.49)
Egpg =(1-0.75(A, /100))E (3.50)
sy =(1=1.95(A,, /100))& g, (3.51)
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where f., 1s the yield strength, E.,is the elastic modulus, fc, is the the rupture strength,
and &, 1s the rupture extension of corroded reinforcement bars. It might be useful to
indicate that, there was a reasonable good agreement between obtained mechanical
properties of corroded reinforcement bars in 25 years and developed empirical model
by Lee and Cho (2009). In order to model the stress-strain relationships of confined
columns, three models developed by Kent and Park (1971), Saatcioglu and Razvi
(1992) and Mander et al. (1988) were used. For each case (non-corroded (#: 0), 25
(existing), and 50 years), the models that gave higher demands (lower elastic and
inelastic stiffness and lower yield strength) were selected to be used in nonlinear
analyses. In order to model the stress-strain relationship of steel, the developed

model by Mander (1984) was used.

3.6.3 Time-dependent Behaviour of Reinforced Concrete Sections

Experimentally obtained corrosion rate was used to predict the loss in cross
sectional area of reinforcement bars, and the reduction in concrete strength as a
function of time. Based on the experimental works and obtained corrosion rate, the
loss in cross sectional area of reinforcement bars of columns after 25 and 50 years
were 8.81% and 17.62%, respectively. Once the corrosion rate is known as a function
of time, the reduction in concrete strength can be predicted as a function of time
based on a model developed by Vecchio and Collins (1986). In this case study, in
order to predict the time-dependent crack width as a function of corrosion rate, the
attack penetration was predicted according to the well know Faraday’s law and
adopted into the model developed by Molina et al. (1993). The attack penetration by

Faraday’s law is given in equation 3.52.

X =0.0116.1 9y .t (3.52)
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where L.y, is the corrosion intensity (uA/cm?), ¢ is the time in years, and 0.0116 is a
conversion factor of pA/cm? into mm/year for steel. As shown in equation 3.52, the
attack penetration is a function of corrosion rate. Thus, predicted time-dependent
attack penetration gives the time-dependent crack width as a function of corrosion
rate (see equation (3.5)). The calculation of the time-dependent crack width provides
a time-dependent reduction in concrete strength by using the model developed by
Vecchio and Collins (1986). The ratio of the volumetric expansion of the oxides with
respect to the virgin material was assumed to be same for all reinforcement bars and
taken as 2 according to experimental works. As a consequence of increases in tensile
strain in concrete due to corrosion, the calculated reduced concrete strength after 25
and 50 years was 20.25 MPa and 17 MPa, respectively. The predicted loss of cross
sectional area in the reinforcement bars and the reduction in concrete compressive
strength were used to predict the time-dependent moment-curvature relationships.
For each column and beam of three different time periods ( #: 0, ¢: 25 and #: 50 years),
a total of 63 time-dependent moment-curvature relationships were predicted as a
function of corrosion rate for three different models, one developed by Kent and Park
(1971) and the others by Saatcioglu and Razvi (1992) and Mander et al. (1988). The
predicted time-dependent moment-curvature relationships of S; column is shown in

Figure 3.42.

106



120 - T:0 (non-corroded), Kent and

Park (1971)
110 .
T:0 (non-corroded), Saatcioglu
100 and Razvi (1992)
90 T:0 (non-corroded), Mander et
al. (1988)
~ 80
g T:25 years, Kent and Park
E‘ 70 (1971)
E 60 T:25 years, Saatcioglu and Razvi
2 (1992)
g 30 T:25 years, Mander et al. (1988)
40
30 = - T:50 years, Kent and Park
(1971)
20 A . .
T:50 years, Saatcioglu and Razvi
10 - (1992)
0 : : : . T:50 years, Mander et al. (1988)
0 0.05 0.1 0.15 0.2

Curvature (rad/m)

Figure 3.42: Time-dependent moment-curvature relationships of S; column.

As shown in Figure 3.42, due to time-dependent corrosion effects, dissipated
energy by a RC column decreases as a function of time while the rotation increases
for lower moment values, which increases the lateral displacement. The reduction in
load carrying capacity of a RC column subjected to axial loading can be evaluated
from a moment-load (M-N) interaction diagram. The results of the time-dependent
M-N interaction diagrams of the S;column is plotted in Figure 3.43 as a function of
corrosion rate by considering two different models developed by Kent and Park
(1971) and Saatcioglu and Razvi (1992). The results of the model developed by
Mander et al. (1988) was very close to the developed model by Kent and Park
(1971). In Figure 3.43, the line of 0.54.f.' represents the maximum allowable load
that can be carried by a section according to TEC 2007 (2007). On this line, the
moment capacity of a corroded RC section decreases as a function of time due to

corrosion. For instance, when time is equal to zero (non-corroded), the moment
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capacity of the S; column based on the Kent and Park model (1971) was 219 kN-m

on this line, but this capacity decreased to 167 kN-m, and 118 kN-m after 25

(existing structure), and 50 years, respectively. Based on results of the time-

dependent moment-curvature relationships, there was not much difference between

the models developed by Kent and Park (1971), Saatcioglu and Razvi (1992) and

Mander et al. (1988). Therefore, the authors of this article used the results of the

model developed by Kent and Park (1971) for time-dependent moment-curvature

relationships.
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Figure 3.43: Time-dependent M-N diagrams.

3.6.4 Capacity Curve of the Building as a Function of Corrosion Rate

Non-linear static push-over analyses were performed for each time period (#: 0, ¢

25 and #: 50 years) as a consequence of two corrosion effects (the loss in cross

sectional area of reinforcement bars and the reduction in concrete strength). The
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SAP 2000 (CSI, 2000) program was used to analyze the structure. The vertical
distributed and earthquake loads that were used in the analyses are depicted in Figure

3.44.

Figure 3.44: Used vertical and earthquake loads in the analyses.

In Figure 3.44 additional eccentricity effects £5% E, and E, were also considered
in the analyses. In order to ensure the effects of corrosion on the structural behaviour
during push-over analyses, for each time period of structural members, user-defined
plastic hinge properties were calculated from the predicted time-dependent moment-
curvature relationships (see Figure 3.42). The length of the plastic hinges was taken
into account by using moment-rotation relationships instead of moment-curvature
relationships. Therefore, predicted time-dependent moment-curvature relationships
were used to calculate time-dependent moment-rotation relationships where the
rotation of the plastic hinges is the interaction between the length of the plastic
hinges and curvature at a point. For each time period, the calculated plastic hinge
properties were assigned to each both ends of the beams and the columns of the
assessed building according to the corresponding time periods. Thus, the assessed
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building was analyzed according to its own deformation capacity under the time-
dependent effects of corrosion. The locations of the plastic hinges of the structural
members were located according to the study done by Inel and Ozmen (2008). Figure
3.45 shows the comparison between the capacity curves plotting the base shear force
against the control displacement for the structure in non-corroded and for other two

different time periods as a function of corrosion rate.
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Figure 3.45: Time-dependent capacity curves for non-corroded and corroded
building.

As shown in Figure 3.45, there is a serious reduction of the load bearing capacity
for the corroded structure with respect to non-corroded structure. The results
significantly indicated that for the same amount of base shear force displacement
increases as a function of time due to corrosion. Moreover, it can be observed that
the mechanism of plastic hinges was affected by corrosion. For instance, the collapse
mechanism of non-corroded structure which started at a top displacement of 0.137 m

when the base shear force was 544 kN. However, for the time periods of 25
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(existing) and 50 years, collapse mechanism started at a top displacement of 0.128 m

and 0.124 m when the base shear force was 437 kN and 334 kN, respectively.

3.6.5 Capacity Curve of the Building by Modified Plastic Hinge Properties due

to Slippage of Reinforcement Bars

Because of corrosion, the bond strength in RC members decreases which cause to
increase the displacement of the global structure by slippage of reinforcement bars.
Previously predicted base shear force against the control displacement (see figure
3.45) was performed without considering the bond-slip relationships. Proposed
model by Sezen and Setzler (2008) was used to calculate slip rotation (6s) by using
equations 2.18 and 2.19. In this case study, in order to predict the slip rotation as a
function of mass loss due to corrosion, the bond stress was adopted from the study
done by Lee et al. (2002) instead of the uniform bond stress assumed by Sezen and
Setzler (2008). Since, mechanical properties of reinforcement bars change as a
function of mass loss, slip rotation can be calculated as a function of time. The
results of force and corresponding maximum moment from the predicted first
pushover analyses (see Figure 3.45) were used to predict the time-dependent slip
rotation by using equations 2.18 and 2.19. In order to obtain time-dependent slip
rotation due to corrosion, time-dependent moment-curvature relationships were used
to calculate the strain and stress in the reinforcing bar as a consequence of corrosion
effects. The time-dependent relationships between calculated maximum moments
and corresponding slip rotations and displacements of the reinforcement bars

embedded in S; column are shown in Figures 3.46 and 3.47, respectively.
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Figure 3.46: Time-dependent slip rotation.
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Figure 3.47: Time-dependent slip displacement.

In order to ensure the effect of time-dependent bond-slip relationships due to
corrosion on the structural behaviour, the previously defined plastic hinge properties
need to be modified. Therefore, predicted time-dependent slip rotations (see figure
3.46) were used to modify the time-dependent moment-curvature relationships (see
figure 3.42). For each time period of structural member, plastic hinge properties were
redefined by taking into account the effect of bond-slip relationships. Second push-

over analyses by considering the effect of bond-slip relationship were performed.
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The predicted time-dependent capacity curve due to slippage is shown in Figure

3.48.
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Figure 3.48: Time-dependent capacity curves by bond-slip relationships.

3.6.6 Seismic Performance Analyses

IDA was performed to predict the performance level of the assessed building as a
function of corrosion rate. For IDA, the 5% damped first-mode spectral acceleration
(Sa (T, 5%)) was selected. Twenty ground motion records were used to predict the
performance levels of the building as a function of time, where the selected 12
motions records of pseudo velocity versus to period in seconds are shown in Figure
3.49. Figure 3.50(a-b) shows the IDA curves of non-corroded and existing (¢: 25
years) building. As it is shown in Figure 3.50, due to effects of corrosion premature
dynamic instability occurs at the flat lines, where the roof drift ratio of corroded
structure was greater than non-corroded structure. There are still contradictions exist
in the available literature about defining the limit states of performance levels.

Results of time-history analyses of non-corroded building showed that flat line at S,
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(T, 5%) occurred around 1.5% of roof drift ratio. Therefore, associated roof drift
ratio corresponding to performance level of collapse prevention (CP) was selected as
1.5% while 0.5% and 1% were selected for immediate occupancy (10) and life safety
(LS), respectively. A probabilistic analysis is required to predict the performance

level of the building as a function of time.
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Figure 3.49: Pseudo velocity spectrum for used ground motion records.
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The predicted lognormal fragility curves in terms of peak ground acceleration
(PGA) at the performance level of collapse prevention (CP) are shown in Figure

3.51.
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Figure 3.51: Time-dependent fragility curves for the collapse prevention limit state.

In Figure 3.51, for the non-corroded building, the probability of exceeding the

limit state corresponding to CP was 46% when the PGA was equal to 0.75g. As
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shown in Figure 3.51, this probability of exceeding increased as a function of time
and showed different results according to the considered effects of corrosion.
Therefore, the comparisons of the effects of corrosion by only loss of cross sectional
area (dp) of reinforcement bar, and the combined three effects of corrosion due to
bond-slip relationships and reduction in concrete strength are also shown in Figure
3.51. As shown in Figure 3.51, the reduction in the performance level of the building
does not only depend on losing cross sectional area (dy) of reinforcement bars where
the reduction in the bond strength and thus slippage of reinforcement bars due to
corrosion needs to be considered for seismic analysis. For instance, in Figure 3.51,
25 years after construction (T: 25 years, dp), if only the loss of cross sectional area of
reinforcement bars was considered; the probability of exceeding the limit state
corresponding to CP was 55% when PGA was equal to 0.75g. However, this
probability of exceeding increased to 77% for the same PGA when the three effects
of corrosion were taken into account (T: 25 years, d, + bond-slip). For the same PGA
of 50 years after construction (T: 50 years, d, + bond-slip); the probability of
exceeding the limit state was 84% while this probability was 62% if only d, was
considered. The time-dependent results clearly show that the probabilities of
exceeding of limit state increase as a function of corrosion rate which causes to

reduce the performance level of the structure.
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Chapter 4

EXPERIMENTAL STUDY ON THE BOND STRENGTH
BETWEEN REINFORCEMENT BARS AND CONCRETE
AS A FUNCTION OF CONCRETE COVER, STRENGTH,

CRACK WIDTH AND CORROSION LEVEL

4.1 Introduction

In this chapter novel models to predict the ultimate bond strength of uncorroded and
corroded specimens were developed by series of experiments. The effects of
permeability of concrete by designing two different water/cement ratios (w/c) and
three concrete cover depths (¢) on corrosion rate were investigated by accelerated
corrosion method. A correction coefficient was suggested to correlate between
design mass loss according to Faraday’s law and actual mass loss as a result of
accelerated corrosion method. By performing pull-out test, bond strengths were
investigated for different concrete compressive strengths, cover depths, crack widths
and corrosion rates in this chapter. At the end novel models were developed to
predict the ultimate bond strength as a function of corrosion rate, concrete
compressive strength, concrete cover depths and crack widths. Developed new bond
strength models were compared with different previously developed models as
described in Chapter 2.3.

In this study, single size bar was used and effect of cover-to-bar-diameter ratio

(c¢/D ratio) on corrosion and bond strength were considered. The developed bond
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strength models in this study varied for concrete compressive strength between 23
MPa and 51 MPa for three different concrete cover depths; and do not directly
represent the bond behaviour of reinforced concrete beams. However, it is expected
that the relationships obtained in this study will allow bond-slip modelling of
reinforced concrete buildings to carry out seismic performance assessment and

enhance previously developed models by using the same methodology.

4.2 Frame Work of Experimental Study

A total of 90 specimens were tested in the current study. The experimental
program consisted of two phases. In the first phase, different corrosion levels were
investigated by considering the permeability of the concrete matrix and concrete
covers. For doing this, test specimens were divided into two main groups based on
two types of concrete mixtures with a w/c ratio of 0.75 and another concrete mixture
with a w/c ratio of 0.4. Each main group was subdivided into three smaller groups
corresponding to the three different concrete covers: ¢ = 15 mm, ¢ = 30 mm and ¢ =
45 mm. The samples in each subgroup were then subjected to corrosion for different
time periods using an accelerated corrosion method (4 days to 12 days). The contact
resistivity was recorded for each specimen at 1 minute interval to monitor the amount
of corrosion level by using Faraday’s law. The crack width (W,,) of the specimens
was visually observed and measured with an EL.35-2505 crack detection microscope.

In the second phase, pull-out test was applied for each specimen to predict the
ultimate bond strength and bond-slip relationships for different corrosion levels and
considering the effects of different concrete covers and concrete strength levels.

Frame work of experimental study is shown in Figure 4.1.
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Figure 4.1: Frame work of experimental study.

4.3 Materials

4.3.1 The Reinforcement Bars

According to the purpose of this experimental study, non-corroded reinforcement
bars were needed to be used. However, there were no non-corroded reinforcement
bars in the market of Famagusta which also represent the current condition of
construction industry in North Cyprus. Therefore, reinforcement bars were provided
from harbour of Famagusta. Figure 4.2 shows the general conditions of
reinforcement bars in the market of Famagusta and Figure 4.3 shows the used non-

corroded reinforcement bars for the present study.
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Figure 4.3: Used non-corroded reinforcement bars.

Each reinforcement bars were prepared by having same length before carrying

them to the material lab at EMU as shown in Figure 4.4.

Figure 4.4: Cutting of reinforcement bars.
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Deformed steel bars, 14 mm in diameter and 250 mm in length were used for each
specimen. Tensile tests were performed on six randomly selected reinforcement bars
to calculate the actual mechanical properties of reinforcement bars. Recorded
mechanical properties of the reinforcement bars were determined as follows: the
yield strength (f;,) was equal to 458 MPa, the rupture strength (f;,) was equal to 606
MPa, the yield strain (&,) was equal to 0.075, and the strain hardening (&) was equal
to 0.103. Figure 4.5 shows the stress-strain curve of the reinforcement bars used for

present study.

700 -
600 -
500 | A/
400 -

300 - =——R2

o (MPa)

200 - R3

100 -

Figure 4.5: Stress-strain curve of used reinforcement bars.

4.3.2 The Concrete

Two types of concrete mixtures with a w/c ratio of 0.75 (f.'= 23 Mpa) and another
concrete mixture with a w/c ratio of 0.4 (f. '= 51 MPa) was designed by using BRE
method of mix design (BRE, 1975) as upper and lower bound. Several trial castings
were done in order to achieve the expected concrete compressive strength at 28 days

(see Figures 4.6 and 4.7). A mould-releasing chemical was applied to the inside
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surface of specimen moulds. First, coarse and fine aggregates were loaded into the

mixer for 3 minutes, and a further 3 minutes after water was added.

Figure 4.6: Trial mix design with a water/cement ratio of 0.75.

o Vit
Figure 4.7: Trial mix design with a water/cement ratio of 0.40.

During each trial, slump of fresh mix was measured, thus it provided to control

the amount of water and cement for further casting.

Figure 4.8: Slump test of designed concrete specimens.
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Compaction was carried out by a table vibrator. After placing and compacting
concrete, the specimen surface was smoothed with a steel trowel. Figures 4.9 and

4.10 show the compaction and surface smoothing of concrete specimens.

Figufe 4.9: Compaction of specimens by table vibrator.
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Figur 4.10: Soothiné the surface of speciens.

The concrete specimens were kept in a curing room maintained at 22 °C and 90%
relative humidity for 24 hours. Then, specimens were cured in a water thank at 22 °C
for 28 days. The first trial results of concrete compressive strength of concrete

mixture with a w/c ratio of 0.4 are shown in Figure 4.11.

123



(b)

Figure 4.11: Trial results of concrete compressive strength of concrete mixture with a
water/cement ratio of 0.40: (a) First specimen; (b) Second specimen; (¢) Third
specimen.

After several trials, expected results of concrete compressive strength were
achieved according to the given amount of cement, water and aggregates as given in
Tables 4.1 and 4.2. For further casting, design tables (Tables 4.1 and 4.2) were used

for the main concrete specimens.
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Table 4. 1: Concrete mix design with a w/c ratio of 0.75.

Concrete mix design form Jobtitie ... W/C=0.75 ..
Reference
Stage Item orcalculation  Values
1 11 Characteristic strength Specified | 20 Nmmiat ... 1= days
{Pm;u'timdefecm'e ............................................................... %
1.2 Standard deviation P03 s s Wmm?ornodata ............ N/mm?
1.3 Margin Cl = i T B e T essvesneer,. N/
ur‘Sq:-e-:'rﬁed e
1.4 Target mean strength 2 b = 2 Nimm?
1.5 Cement strength class Specified 42.5.%
1.6 Aggregate type: coarse Crushed/uncrushed
Aogreqgate type: fine Crushed/uncrushed
1.7 Free-water/cement ratio Table 2, Figd s 0?5 ...............
1.8 Maximum free-water/ Specified e } e
cement ratio
2 21 SumporVebetime Specified Sump 200 T ebetime s
2.2 Maximum aggregate size Specfed L. 20 mm
2.3 Freewater content Table 3 225 ............................ 22E kg/m?
3 31 Comentcontent v S A 0.75 .. w200
37 Maxmumcementconent  Specifed ... J,.e""‘ ..... bg'm®
3.3 Minimum cement content Specified _',,..r"' ..... hy'm*
o333 700 rgm
14 Modfied freewater/cementraic TR — T
4 41 Relatwedensityof 2 65 ................. known. assumed
aggregate (350
4.2 Concrete densiy Figs 2380 kg/m?
43 Total aggregate content e L 2 EBD —— %Q..[;'. - 225 = .1..5.5:‘.55‘ ko/m?
5 5.1 Grading of fine aggregate Percentage passing 60O pm sieve 45 ':D : 35:‘ ........................... %
5.2 Proportionoffineaggregate FIQE i e s %
5.3 Fine aggregate content - = 96k kg/m?
5.4 Coarse aggregate content -] B9 kg
Cement Water Fineaggregate  Coarseaggregatefkg)
Ouantities (k) (kgorlitres)  (kg) 10mm  20mm  40mm
Tzl Tesl.b Tes3
prmtoneastSly 300 2265....965. . 82 243 485
per il i of ..o M ! 4.5 .. EINCEL: 1 448 ........ 2.43 3.65 ?28
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Table 4. 2: Concrete mix design with a w/c ratio of 0.40.

Concrete mix design form Jobtitle ........... WiCe=0.4 ..
Reference
Stage Item or calculation Values
1 11 Characteristic strength Specified | e 40 Nmmiat ... 28 days
Proportion defective ..o s %
1.2 Standard deviation D3 s e W/mm? or no data N/mm?
1.3 Margin 1 k= i | S " = N/mm®
uqu:-e-:'rﬁed ceeeiinrene. Nimm?
1.4 Target mean strength C2 e * = 45 N/mm?
1.5 Cement strength class Specified 42.5."}2{
1.6 Aggregate type: coarse Crushed/uncrushed
Aoagregate type: fine Crushed/uncrushed
17 Freewater/cementratio  TableZFigd .. O
1.8 Maximum free-water/ SpeCifEd e Usetieloweriake | 04
cementratio
2 21 SwmporVebetime Specified Shmp . L00 T ebetme s
2.2 Maximum aggregate size Specified L L . mm
2.3 Free-water content Tahle 3 225 ............................ 295 om?
3 31 Cementcontent v S 2eb . L 0.4 .. =P8 o
12 Madmumcementcontent  Specified L ‘_,.e‘"“ ..... hy/m*
3.3 Minimum cement content Specified .-*“"'f ..... h/m*

o331 563 1o
3.4 Modfiedfreewater/cementraic. I ———— —
4 4.1 Relativedemsityof 000 Ll 2 65 ................. known./assumed
aggregate (550
4.2 Concrete density Figs 2380 ho/m?
4.1 Total aggregate content ca L 2 380 ......... 6% 225 15892 ho/m?
5 5.1 Grading of fine aggreqate Percentage passing 600 pm sieve ... 35(035) ........................... %
5.2 Proportionoffineaggregate QB e 4? ..... I:C"'i?:l .......................... %
5.3 Fine aggregate content e 1592 04? .......... 716 kg/m?
5.4 Coarseaggregatecontent ! L L 1882 - ??B .......... -| 876 ho/m?
Cement Water Fincaggregate  Coarseaggregatefkg)
Cuantities (ka) (kgorlitres) (ko) 10mm 20 mm 40 mm
Tz=1 Tesl.b Tesd
T BED 226 ....716 160 240 477
per trial mixof .....ooeeniniinans L P PP PP
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4.4 Methods

In this study two types of methods were used. First one was a method which is
called electro-chemical method to corrode the reinforcement bars. Second method
was pull-out test to investigate the ultimate bond strength of non-corroded and
corroded reinforcement bars. The methodology performed for these two tests were

explained by the following sub-sections.

4.4.1 Accelerated Corrosion Method

In present study, an electrochemical method was used to corrode reinforcement
bars. Before mixing the concrete, the reinforcement bars were cleaned to make sure
about the exact mass of each reinforcement bar by removing dust and small iron
particles that can be broken easily during pullout. Figure 4.12 shows the general
cleaning procedure of a reinforcement bar. After cleaning the reinforcement bars, the
mass of the each reinforcement bar was recorded and they were aligned and fastened

to the moulds.

Specimens were removed from curing tank after 28 days and fully immersed in a

3.5% sodium chloride by weight of water for 4 days before subjecting to accelerated
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corrosion method. Before and during accelerated corrosion method, the temperature
of the water of each specimen was tried to be kept constant at 20 °C (£2 °C). The
shape and the geometry of the specimens of three concrete covers are shown in

Figure 4.13.

Bond free PVC plastic pipes

VY

¢<—|

D 14

50 mm

Figure 4.13: Shape and geometry of specimens.

In Figure 4.13, deformed reinforcement bars 14 mm in diameter were placed in
the cubes with different concrete covers. The embedded length was set at 50 mm to
ensure bond failure. To prevent contact between the concrete and the reinforcement
bars while maintaining the required concrete cover on the surface of the concrete
specimen, 50 mm lengths of the reinforcement bars were placed inside PVC pipes.
The direct current was impressed on the main steel bar embedded in the concrete.
The direction of the electric current which was connected to the samples with the
reinforcement bars as the anode and copper plate as the cathode. The current was
passed from the reinforcement bars to the copper plate placed inside of 5% salt
solution (NaCl). Pure water was used and 5% salt solution by the weight of water
was dissolved for each specimen as shown in Figure 4.14. The setup for the

accelerated corrosion process is shown in Figure 4.15.
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Figure 4.14: Dissolved NaCl in pure water.

Copper plate
Power supply

—

5 % NaCl

(2)

‘Specimens fully
- immersed in a 3.5% sodium
# chloride by weight of water for
= 4 days  before subjecting to

accelerated eorrosion method.
Glass tank

Copper plate

Power supply

Current meter’

(b)

Figure 4.15: Set-up of electro-chemical method: (a) Electrical circuit of system; (b)
general view of set-up.
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As shown in Figure 4.15, a current meter was also used to record the average
current of each specimen to calculate the resistivity of concrete specimens for
different conditions. The designed (theoretical) mass loss of the reinforcement bars

due to corrosion was calculated according to Faraday’s law using equation 4.1:

t(s)x 1(A)x55.847

loss =
mass foss 2x96,487

(4.1)

where ¢ is the time and / is the current. Equation 4.1 is based on Faraday's Law,
which states: (1) The mass of substance formed or consumed in electrolysis is
proportional to the amount of charge passing through it; (2) The mass of a substance
formed or consumed in electrolysis is also proportional to its molar mass; (3) The
mass of a substance formed or consumed in electrolysis is inversely proportional to
number of electrons per mole needed to cause the indicated change in the oxidation
state. The quantity of applied charge of any electrolysis is given by the product of
applied current and the duration of exposure. For the corrosion process, for each
mole of iron oxidized, 2 mols of electrons are given out, consuming a charge of
2x96487 coulombs (C). The mass loss is then calculated by multiplying the applied
charge by the molar mass (55.847 g/mol for iron) and dividing by charge needed per
mole (Fang et al., 2006). However developed model by Faraday was performed for
the reinforcement bars which were directly immersed to glass tank. In another word,
the developed model was not for the reinforcement bars which were immersed into
concrete specimens. Amount of time and energy is needed to initiate the corrosion
when the reinforcement bars immerse in concrete. Therefore, it is possible to obtain
different corrosion levels rather than designed amount of corrosion level. Thus, in

this study, the actual corrosion level or percentage mass loss of each specimen was
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calculated by equation 4.2 and corrosion level was controlled by depending on
Faraday's Law.
Gy~ 6
= x100% (4.2)
%

C

In Equation 4.2, where Gy is the initial weight of the reinforcement bars before
corrosion and Gj is the weight of the reinforcement bars after the removal of the

corrosion products.

4.4.2 Pullout Test

The pullout tests were carried out for both corroded and non-corroded specimens.
The bond tests were carried out by Instron 3385H universal testing machine with a
capacity of 250 kN. The applied loads were controlled via computer, using
displacement control at a rate of 10 mm/minute. Setup of the pull-out testing
machine is shown in Figure 4.16. As shown in Figure 4.16, an apparatus was
especially designed and adapted to avoid any changes in bond strength during the

pullout test.

Figure 4. 16: Setup of the pullout testing machine
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The stress and displacement values of designed apparatus for different vertical

loads are also shown in following Figures.

Figure 4.18: Displacement values of designed pullout apparatus under 25 kN vertical

loads.

"
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Figure 4.19: Stress values of designed pullout apparatus under 25 kN vertical loads
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Figure 4.20: Displacement values of designed pullout apparatus under 50 kN vertical
loads.
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Figure 4.21: Stress values of designed pullout apparatus under 50 kN vertical loads.

Figure 4.22: Displacement values of designed pullout apparatus under 75 kN vertical
loads.
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Figure 4.23: Stress values of designed pullout apparatus under 75 kN vertical loads.

Figure 4.24: Displacement values of designed pullout apparatus under 100 kN
vertical loads.
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Figure 4.25: Stress values of designed pullout apparatus under 100 kN vertical loads.
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As shown in Figures through Figure 4.18 to 4.25, displacement and stress values
of the designed apparatus was negligible under applied over loads at different points.
During pullout tests, maximum pullout forces were recorded to calculate the ultimate

bond strength (7%,) according to equation 4.3:

_ Pmax

Where; Puax 1s the ultimate pullout load and D and L are the diameter and bond

length of the reinforcement bars, respectively.

4.5 First Trial of Accelerated Corrosion Method

4.5.1 Designed Formworks, Casting and Curing of Concrete Specimens for First
Trial

Several trials were done to perform the electro-chemical method correctly. First
trial showed that it was not possible to align and fasten the reinforcement bars by
hand or manually for the correct concrete cover depths and embedment length of
reinforcement bars. Therefore, in order to make sure about the correct concrete cover
depths and embedment length of reinforcement bars, special formworks were
designed for different concrete cover depths. Figures 4.26 and 4.27 show the
designed special formworks and alignment of the reinforcement bars for different

concrete cover depths, respectively.
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Figure 4.26: Designed special formworks to align the reinforcement bars.

Figure 4.27: Alignment of the reinforcement bars for different concrete cover depths.

As shown in Figure 4.27, designed formworks provided to set the exact concrete
covers. Secondly, another problem was to set the correct embedment length of the

reinforcement bars. In order to solve this problem, fixers were used for the first trial

as shown in Figure 4.28.
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As shown in Figure 4.29, because of the shape of the designed formworks,
embedment length of the reinforcement bars thus bond strength could be changed

during the demoulding of the formworks.

In order to prevent any changes in embedment length of the reinforcement bars
and especially in the bond strength during demoulding, the edge of each

reinforcement bars were smoothened as shown in Figure 4.30.
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Figure 4.30: Smoothing the edge of reinforcement bars.

Before aligning and fastening the reinforcement bars, each reinforcement bars and
holes of formworks were checked to see that formworks easily comes upward

without vibrating the reinforcement bars.

-l

Figure 4.31: cing holes of formworks before pouring concrete.

After recording the total mass and embedment length of each reinforcement bar,
moulds were ready for pouring concrete. Figure 4.32(a-b) shows the general setup
for the concrete specimens before pouring the concrete with 15 mm, 35 and 45 mm

concrete cover depths.
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(b)

Figure 4.32: Setup of the concrete specimens before pouring concrete: (a) 15 mm and
35 mm concrete covers; (b) 45 mm concrete cover.

Concrete mix proportions given in Table 4.1 were used for the first trial of
accelerated corrosion method. After pouring concrete, specimens were carried into
the curing room for one day. Figure 4.33 shows the curing room of first trial
concrete specimens maintained at 22°C (£ 2°C) and 90% relative humidity for 24

hours.
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(b)

Figure 4.33: Curing of concrete specimens for 24 hours: (a) 15 mm and 35 mm
concrete covers; (b) 45 mm concrete cover.

Demoulding and transporting of concrete specimens were done with great care to
avoid any disturbance of the reinforcement bars. Figure 4.34 shows the general view

of demoulded concrete specimens kept 24 hours in room curing.
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(b)

Figure 4.34: General view of demoulded concrete specimens kept 24 hours room in
the curing: (a) 15 mm and 35 mm concrete covers; (b) 45 mm concrete cover.

After demoulding the formworks, specimens were cured in water tank at a
temperature of 22°C for 28 days before accelerated corrosion method as shown in

Figure 4.35.
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Figure 4.35: 28 days water curing of first trial concrete specimens.

4.5.2 Results of First Trial of Accelerated Corrosion Method and Failure in
Trial due to Occurred Local Corrosion

When considering the structural effects of corrosion, it is necessary to distinguish
differences between general and local corrosion:

e General corrosion leads to a more uniform loss of reinforcement section, and
is generally associated with carbonation and some chloride-induced
corrosion. It results in longitudinal cracks along the length of the
reinforcement due to rust growth.

e Local corrosion leads to a pitting form of corrosion, and the loss in cross-
section can be around four to eight times that of general corrosion. It can
occur when the oxygen supply is limited. Less rust product will be generated,
and surface cracking may not result unless general corrosion is also present
(Webster; 2000).

In this study, uniform corrosion was the interest to reach the objective of the

study. However, results of the first trials were not parallel to the scope of the study
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due to occurred local corrosion. As it is shown in Figure 4.36 local corrosion

occurred for each concrete specimen at the end of applied electro-chemical method.

(b)

Figure 4.36: Local corrosion: (a) concrete cover: 15 mm; (b) concrete cover: 30 mm.

Each concrete specimen was broken in order to investigate the local corrosion
better. It was observed that most of the reinforcement bars would already rupture due
to local corrosion occurred. Figure 4.37 shows one of the condition of the

reinforcement bar due to local corrosion.
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Figure 4.37: Condition of a reinforcement bar after breaking the concrete sample.

4.5.3 Solutions to Prevent Local Corrosion

4.5.3.1 Painting the Contact Area of the Reinforcement Bars

In order to prevent local corrosion at the surface of the concrete and reinforcement
bars, different trials were performed. The first idea was to paint part of the
reinforcement bars connected to the surface of the concrete. Figure 4.38 shows the

painted contact area of reinforcement bar in order to prevent local corrosion.

Figure 4.38: Painted reinforcement bar to prevent local corrosion.

This method showed that painting was not adequate enough to prevent the local
corrosion. It was observed that, 2 hours after starting the accelerated corrosion

method, paint was removing out from the reinforcement bars.
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4.5.3.2 Polyvinyl Chloride (PVC) Pipe to Prevent the Contact between Concrete
and Reinforcement Bar

PVC pipes were used for the second trial to prevent the contact between concrete
and reinforcement bar. Figure 4.39 shows the second trial of accelerated corrosion

method by using PVC pipes in order to prevent the local corrosion.

£~

-

Figure 4.39: Prevention of local corrosion by PVC pipes.

Before using PVC pipes, it was observed that bleeding of water was only at the
surface of concrete specimens. On the other hand, it was observed that after using
PVC pipes, bleeding of the water occurred at both surface of concrete and the closer
side of the concrete cover (longitudinal). This observation is shown in Figure 4.40.
This observation was important to understand the direction and the path of the

electric current in the system.

145



TR
Fpe r : "—ﬁﬂ;
Ii. -

on of water bleeding with and without PVC pipes.

Figure 4.40: The directi

Another observation that can be investigated during electro chemical method is
cracking of concrete due to volumetric expansion by corrosion rust. Corrosion is an
electrochemical process during which metallic iron is converted to rust, creating
volumetric expansion of the steel bars and also causing extremely high tensile forces
within the concrete cover. By using PVC pipes, due to volumetric expansions cracks
were observed for different concrete specimens. Figure 4.41 shows the occurred

cracks at the top surface of concrete specimen after using PVC pipes.

e i
Figure 4.41: Volumetric expansion of a corroded reinforcement bar.

146



After accelerated corrosion method, the concrete specimens were broken to check
the condition of reinforcement bars. Figure 4.42 shows the one of the broken
concrete specimen after accelerated corrosion method. As shown in Figures 4.42 and
4.43, uniform corrosion was obtained by using PVC pipes where local corrosion did

not occur.

Figure 4.43: Obtained uniform corrosion along the length of a reinforcement bar.
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4.6 Designed New Formworks with PVC Pipes

Decision of using PVC pipes to prevent local corrosion required to design new
formworks to align and fasten the reinforcement bars. Therefore, according to the
aim of the experimental study in this thesis, new formworks were designed for each
different concrete cover depths. New formworks were made of plywood. Figure 4.44
shows the 150 mm square plywood plates before building up cubic forms. Required
concrete cover depths were designed carefully for each specimen as shown in Figure

4.45.

Figure 4.45: Opening concrete covers on one side of plywoods.
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After opening the required concrete covers on plywoods, they were ready to form

cubic form. Figure 4.46 shows the completed formworks by using PVC pipes and

plywood.

(b)

Figure 4.46: (a) Preparing of PVC pipes, (b) PVC pipes for main specimens, (c)
General view of setup for prepared formwork.
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4.7 Main Concrete Specimens for Tests

4.7.1 Mixing, Casting and Curing of Concrete Specimens with a Water/Cement
Ratio of 0.75

As it was mentioned in the introduction of Chapter 4, test specimens were divided
into two main groups based on the w/c ratios of 0.75 or 0.40. First casting was done
for the concrete mixture with a w/c ratio of 0.75 for three different concrete covers: ¢
= 15 mm, ¢ = 30 mm and ¢ = 45 mm. Figure 4.47 shows the set up of concrete

specimens with a w/c ratio of 0.75 before casting concrete.

Figure 4.47: Set up of first group (w/c= 0.40) of 27 specimens before casting
concrete.

The procedure of casting concrete was described in section 4.3.2. Previously
given mix design in Table 4.1 was used for concrete specimens with w/c ratios of
0.75. Figure 4.48 shows the concrete specimens after pouring and compacting

concrete.
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el

ns (w/c= 0.75) after compacting.

After compacting the concrete, concrete specimens were kept in the curing room
for 24 hours. Figure 4.49 shows the room curing of first concrete specimens (w/c=

0.75).

Figure 4.49: Curing of concrete specimens with a water/cement ratio of 0.75

After one day of curing, specimens were carried to water tank at 22°C (+ 2 °C) for 28
days. Figures 4.50 and 4.51 show during and 28 days after water curing of concrete

specimens with w/c ratios of 0.75.
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Figure 4.50: 28 days water curing of concrete specimens with a water/cement ratio of
0.75.

Figure 4.51: 28 days after water curing of concrete specimens with a water/cement
ratio of 0.75.

4.7.2 Mixing, Casting and Curing of Concrete Specimens with a
Water/Cement Ratio of 0.40.

Procedure described in section 4.7.1 was repeated for other concrete specimens
with a w/c ratio of 0.40. Figures 4.52, 4.53, 4.54, 4.55 show set up of concrete
specimens (w/c= 0.40) before casting concrete, after casting concrete, moist room
curing for 24 hours, and water curing for 28 days, respectively. Figure 4.56 shows

the prepared concrete specimens before accelerated corrosion method.
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Figure 4.54: Moist room curing of concrete specimens with a water/cement ratio of
0.40.
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Figure 4.55: 28 days water curing of concrete specimens with a water/cement ratio of
0.40.

: ie !'.'J' I
Figure 4.56: 28 days after water curing of concrete specimens with water/cement
ratios of 0.75 and 0.40.
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Chapter S

RESULTS AND DISCUSSIONS

5.1 Introduction

The experimental study was performed according to the methodologies described
in Chapter 4.4. The detailed results and analysis of all experimental and analytical
studies will be presented in this chapter. The test results will be presented into two
sections. The first section provides the results of accelerated corrosion method. In the
first section, the effects of three concrete cover depths and strength levels of concrete
on the mass loss and resistivity of concrete were discussed. The second section
provides the results of pull-out tests. In the second section, the effects of three
concrete cover depths and strength levels of concrete on the bond strength of
uncorroded and corroded specimens were discussed. Bond-slip relationships for the
different corrosion levels were compared in two different concrete mixes and three
concrete cover depths. The new developed models to predict the ultimate bond
strength of corroded and uncorroded reinforcement bars were also presented in this

chapter.

5.2 Results of Accelerated Corrosion Method
Described procedure in section 4.4.1 was performed for accelerated corrosion
method and the test results were analysed for the following parameters:
e Achieved corrosion levels,

e Effects of concrete covers and strengths on corrosion levels,
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e A comparison between theoretical and calculated actual corrosion mass
losses,

e Concrete resistivity.

5.2.1 Achieved Corrosion Levels

After pull-out tests, to calculate the mass losses of each reinforcement bars,
chemical cleaning was applied by using hydrochloric acid to remove the corrosion
products from the surface of the reinforcement bars according to described standard
ASTM G1-03 (ASTM G1-03, 2003). Figure 5.1 and 5.2 show selected corroded
reinforcement bars before and after cleaning the corrosion products from the surface

of the reinforcement bars.

y i ll A
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Figure 5.1: Before cleanig of reinforc

A L AR

ement bars.
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F igure 5.2: Final statement of reinforcement bars.

The actual corrosion level or percentage mass loss of each specimen was

calculated by using equation 4.2. Table 5.1 and Table 5.2 show the gravimetric test

results and comparisons between the theoretical (estimation of mass loss by

Faraday’s law) and calculated actual mass losses of specimens with w/c ratios of

0.75, and 0.40 respectively. The specimens were designated R;SP; to RySP; for the

to R1 gSP3 for

concrete specimens having w/c ratios of 0.75 (see Table 5.1), R;(SP;

5.2).

the concrete specimens having a w/c ratio of 0.40 (see Table
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Table 5.1: Gravimetric test results of concrete mixtures with a w/c ratio of 0.75.

Specimen c Faraday’s Actual mass  Corrosion Applied
(mm) mass loss loss (gr) level corrosion
(gr) CL (%) time (hr)

RSP, 15 Non-corroded Non-corroded - -
RSP, 15 Non-corroded Non-corroded - -
RSP, 15 Non-corroded Non-corroded - -
R,SP;, 30 Non-corroded Non-corroded - -
R,SP, 30 Non-corroded Non-corroded - -
R,SP; 30 Non-corroded Non-corroded - -
R;SP,; 45 Non-corroded Non-corroded - -
R;SP, 45 Non-corroded Non-corroded - -
R5SP; 45 Non-corroded Non-corroded - -
R4SP; 15 38.28 26.00 8.90 97.00
R4SP, 15 10.45 12.00 4.10 72.00
R4SP; 15 9.67 7.20 2.47 108.05
R4SP, 15 9.52 7.97 2.72 95.00
R4SP; 15 13.92 12.66 432 72.00
R4SPg 15 14.27 12.69 433 72.00
R4SP; 15 13.46 11.98 4.09 72.00
R4SPg 15 21.58 19.07 6.51 85.00
R4SPy 15 67.54 42.54 14.52 120.00
RSP, 30 3.98 4.00 1.37 97.00
RSP, 30 10.08 10.00 3.45 169.00
RsSP; 30 19.21 16.00 5.56 202.00
RsSP, 30 4.38 4.10 1.40 97.00
R;sSPs 30 5.40 4.95 1.69 97.00
R5SPg 30 5.07 4.69 1.60 97.00
RSP, 30 11.26 10.46 3.57 169.00
R5SPg 30 16.90 15.70 5.36 202.00
RSPy 30 68.58 48.78 16.65 216.00
RSP, 45 3.20 2.00 0.69 97.00
RSP, 45 6.11 5.00 1.69 210.53
R¢SP; 45 10.74 7.60 2.66 330.48
RSP, 45 2.34 1.99 0.68 216.00
R¢SP; 45 2.26 1.93 0.66 216.00
R¢SPg 45 2.82 2.47 0.84 266.00
RSP 45 2.92 2.58 0.88 266.00
RSPy 45 5.06 4.68 1.60 270.00
RSPy 45 11.47 11.15 3.81 200.00
R;SP,; 15 301.40 57.00 18.75 289.15
R;SP, 15 49.39 26.60 8.90 216.00
R;SP; 15 84.69 42.80 14.66 120.00
RsSP;y 30 30.51 20.40 6.87 288.98
RSP, 30 74.81 52.00 17.33 216.00
RsSPs 30 25.02 27.00 6.40 190.27
RySP; 45 24.92 19.00 6.27 289.18
RySP, 45 2.36 2.00 0.68 216.00
RySP; 45 10.68 11.40 3.81 200.50
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Table 5.2: Gravimetric test results of concrete mixtures with a w/c ratio of 0.40.

Specimen c Faraday’s Actual mass loss  Corrosion Applied
(mm) mass loss (gr) level C.  corrosion
(gr) (%) time (hr)

R0SP;, 15 Non-corroded Non-corroded - -
RSP, 15 Non-corroded Non-corroded - -
R0SP; 15 Non-corroded Non-corroded - -
RSP, 30 Non-corroded Non-corroded - -
RSP, 30 Non-corroded Non-corroded - -
R1SP; 30 Non-corroded Non-corroded - -
R»SP;, 45 Non-corroded Non-corroded - -
R,SP, 45 Non-corroded Non-corroded - -
R»SP; 45 Non-corroded Non-corroded - -
R;3SP; 15 3.43 4.00 1.33 97.00
Ri5SP; 15 41.59 22.00 7.48 144.83
R3SP; 15 19.61 13.00 4.47 90.92
R15SPy 15 4.25 2.25 0.77 72.00
R3SPs 15 4.14 2.34 0.80 72.00
R13SPs 15 448 2.65 0.90 80.00
R5SP; 15 4.06 2.74 0.94 80.00
R15SPg 15 26.18 22.16 7.56 144.83
R3SPy 15 10.48 9.66 3.30 94.00
R14SP, 30 1.38 0.00 0.00 97.00
R14SP; 30 17.45 15.00 5.14 295.78
R14SP; 30 22.44 16.00 5.46 256.23
R14SP, 30 3.88 1.89 0.65 192.00
R14SPs 30 3.79 1.99 0.68 192.00
R14SPs 30 4.03 2.25 0.77 210.00
R14SP; 30 4.02 2.26 0.77 210.00
R14SPg 30 6.08 498 1.70 240.00
R14SPy 30 21.04 13.04 4.45 255.00
R;5SP; 45 1.64 0.00 0.00 97.00
Ri5SP; 45 10.44 8.00 2.69 528.00
R5SP3 45 Not recorded 1.00 0.34 576.00
Ri5SP4 45 1.70 0.90 0.31 576.00
R;5SPs 45 2.96 1.16 0.40 576.00
R15SPs 45 2.61 1.21 0.41 576.00
R5SP; 45 16.48 13.87 4.73 816.00
Ri5SPg 45 15.38 12.83 4.38 816.00
R5SPy 45 14.62 12.20 4.17 816.00
R16SP; 15 43.80 26.40 8.95 288.57
RSP, 15 24.21 20.00 6.90 216.00
R16SP3 15 12.93 10.00 3.41 94.00
R17SP, 30 37.46 29.00 9.90 289.03
R7SP; 30 23.34 14.00 4.86 216.00
R7SP; 30 5.29 5.00 1.72 242.00
Ri3SP, 45 3.38 1.00 0.34 289.03
R 3SP, 45 Not recorded 1.00 0.34 576.00
RsSP; 45 14.13 9.00 3.08 816.00
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In order to obtain different corrosion levels, different corrosion times were applied
for concrete specimen that was varied from 4 days to 34 days. Figure 5.3 shows some
selected concrete specimens with w/c ratios of 0.75 and 0.40 for different applied

corrosion time at three different concrete cover depths.

Rg - Sp

C 20 MPa

C=L.5 wn
5 i Nacl
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Figure 5.3: Applied corrosion time for different cohéeve depths: (a)
(b) w/c=0.40.

As it was expected, at the same concrete cover depths and same concrete strength

levels, corrosion levels increased with increased corrosion time. Figure 5.4 shows the
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graphical results of different applied corrosion time for concrete specimens with a

w/c ratio of 0.75.

¢=15 mm
24.01
20 - RSP R,SP, 1875 B w/c=0.75
3 R,SP,
& s \ 14.66
< B R,SP, \4
5 \ 16.72
§ 10 1R,SP, 8.90 8.90
g \
£
8 59 4.10 I I
0 T T T T
72 97 120 216 289.15

Time (hours)

Figure 5.4: Applied corrosion time at the same concrete cover depth of 15 mm.

As it is shown in Figure 5.4, corrosion levels increased with increased applied
corrosion time. In this study the highest amount of corrosion level was obtained for
the concrete specimen named as R;SP; Spalling of concrete was occurred for this
concrete specimen at the end of the applied electro chemical method as shown in

Figure 5.5.

Figure 5.5: Spalling of concrete with highest amount of corrosion level.
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As shown in Figures 5.4 and 5.9, although specimens cured under the same
environmental conditions, it is possible to obtain more or less corrosion levels at
early stages of corrosion process due to occurred premature cracking of concrete or

occurred local corrosion (see Figure 5.6).

5 /. Nacl [0S
Figure 5.6: Local corrosion.

As shown in Figure 5.4, even the applied corrosion time of R;SP, was more than
that applied corrosion time of R;SPs the calculated corrosion level of R;SP, was less
then R;SP3; due to occurred local corrosion at R;SP, Archimedes’s principle (see
Figure 5.7) was used in the case of occurred local corrosion to determine the actual
corrosion level in the embedded lengths of the reinforcement bars rather than direct

weighting.
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Figure 5.7: Application of Archimedes’s principle due to occurred local corrosion.

Figure 5.4 shows that the corrosion levels for R;SP;, and R;SP, were measured to
be 24.01% and 16.72%, respectively, by direct weighting; using Archimedes’s
principle, the values were obtained to be 18.75%, and 8.90%, respectively. The
recorded maximum crack width was 0.94 mm for the concrete specimens having the

w/c ratio of 0.75 with the lowest ¢/D ratio (c= 15mm) as shown in Figure 5.8.

Figure 5.8: Recorded maximum crack width with a w/c ratio of 0.75 for the lowest
¢/D ratio.

Figure 5.9 shows the applied corrosion time for the same concrete cover depth of

30 mm having a w/c ratio of 0.75.

164



c=30 mm RSP,

A

mw/c=0.75
17.33
S5 -
< RSP
5 R8}P3 RSP, ? :
10 +
s RSP, /
Z R,SP, 6.40 6.87
E 5.56
S / 3.45
137 .
O '_- T T T T T
97 169 190 202 216 289

Time (hours)

Figure 5.9: Applied corrosion time for the same concrete cover depth of 30 mm.

As shown in Figure 5.9, at the same concrete cover depth of 30 mm, as it was
expected, the actual corrosion levels increased with increased corrosion time. In
Figure 5.9, during accelerated corrosion method, cracking of concrete occurred for

two concrete specimens named as RsSP,, and RgSP3 Figure 5.10 shows the recorded

crack width for these two concrete specimens.

Figure 5. 10: Recorded crack width of concrete specimens with the concrete cover of
30 mm.
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In this thesis, the recorded crack widths were important for developing the bond
strength models. Therefore, during accelerated corrosion method, occurred crack on
concrete specimens were carefully recorded. The given results in Figure 5.4 and 5.9
represent the general results of other concrete classes for different concrete cover
depths where corrosion level increased with increased corrosion time. The next
subsection compares obtained corrosion levels for two different concrete strength

levels by considering the effects of concrete cover depths.

5.2.2 Effects of Concrete Cover Depths and Strength Levels on Corrosion
Levels

In this study two different concrete strength levels (i.e., f.'= 23 MPa and f, '= 51
MPa) and three concrete cover depths (i.e., ¢ = 15 mm, 30 mm and 45 mm) provided
comparison of the results of corrosion levels under the impact of cover depths and
strength levels. Figure 5.11 (a-b) shows the effect of concrete cover depths on
obtained corrosion levels for the concrete samples with the same w/c ratios under the
applied same corrosion time. As shown here, the effect of concrete cover depths on
the corrosion levels were significant; increasing concrete cover depth decreased the

corrosion level.
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Figure 5.11: Effect of concrete cover depths on corrosion levels: (a) w/c=0.75 (=97
h), (b) w/c=0.75 (&= 216 h), (c) w/c=0.75 (= 289 h), (d) w/c= 0.40 (=97 h), (e) w/c=
0.40 (=216 h), (f) w/c=0.40 (== 289 h).

In Figure 5.11, the results indicated that for the same applied corrosion time, the
corrosion levels decreased with increasing concrete cover depths. For instance in
Figure 5.11(a) (&= 97 h), the corrosion level of R4SP, (C,= 8.90%) reduced to 1.37%
and 0.69% by increasing cover depth from 15 mm to 30 mm and 45 mm,

respectively. For another applied corrosion time of 216 h (see Figure 5.11(b)), the

corrosion level of RgSP, (C.= 17.33%) reduced to 0.68% by increasing cover depth
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from 30 mm to 45 mm at the same concrete strength level. Same results can be also
observed for the highest concrete strength level. In Figure 5.11(f) with increased
concrete cover depth from 15 mm to 30 and 45 mm, the calculated corrosion levels
reduced from 11.53% to 9.90% and 0.34%. It should be noted that, as it is shown in
Figure 5.11(f), the actual corrosion level of R;sSP; was 8.95% by applied
Archimedes’s principle due to occurred local corrosion.

The concrete cover depths were not a single parameter, but also concrete
compressive strengths had a significant effect on obtained corrosion levels. The
reduced permeability of the concrete with 0.40 w/c ratio likely reduced corrosion of
the reinforcement bars. Because increasing the w/c ratio increases capillary porosity
(Cabrera, 1993). The differences in the corrosion levels obtained at a fixed corrosion
time showed that more energy was needed to initiate corrosion in the concrete
mixture with a w/c ratio of 0.40 than that with w/c ratio of 0.75. The comparisons
between two concrete strength levels at the same concrete covers are shown in Figure

5.12 for higher applied corrosion time of reduced w/c ratio of 0.40.

Figure 5.12: Effect of concrete compressive strength on corrosion levels for higher
applied corrosion time of reduced w/c ratio of 0.40.
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As shown in Figure 5.12, the concrete compressive strength has a significant
effect on calculated corrosion levels. In Figure 5.12, even the applied corrosion time
of R1¢SP3; was more than that of R4SP,, obtained corrosion level was less for R;¢SPs
due to reduced w/c ratio. In Figure 5.12 same results can be observed between R;SP;
and R;3SP, With a more applied corrosion time of 145 hours, the calculated
corrosion level of R;3SP, was less (C,= 7.48%) which corrosion level was more for
R;SP; (C.= 14.66%) with a less applied corrosion time of 120 hours due to increased
w/c ratio. Previous comparisons were done for the higher applied corrosion time of
high strength level of concrete (w/c= 0.40). If the corrosion levels of two concrete
strength levels were compared for the fixed applied corrosion time at the same
concrete cover depths, the effect of w/c ratios or concrete strength levels on corrosion
levels were more significant and results were more dramatic for the concrete
specimens with w/c ratios of 0.75. Figure 5.13 shows the effect of concrete

compressive strength on corrosion levels for different fixed corrosion times:
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Figure 5.13: Effect of concrete compressive strength on corrosion level for a fix
corrosion time: (a) concrete cover depth of 15 mm, = 97 h; (b) concrete cover depth
of 15 mm, = 289 h; (c) concrete cover depth of 30 mm, /=216 h (d) concrete cover

depth of 45 mm, = 289 h.
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As shown in Figure 5.13, at the same concrete cover depths and for the same fixed
corrosion time, the corrosion level reduced with reduced w/c ratio. For instance in
Figure 5.13(a), the calculated corrosion level of R4SP; reduced from 8.90% to 1.33%
by reducing w/c ratio form 0.75 to 0.40. In Figure 5.13, the results clearly show that
reduced w/c ratio from 0.75 to 0.40 reduced the calculated corrosion levels at least
50% where 94% reduction in corrosion level occurred for the concrete cover depth of
45 mm (see Figure 5.13(d)). Figure 5.14 (a-c) illustrates the effects of both concrete
cover depths and w/c ratios on the corrosion levels for different applied corrosion
times for selected specimens. In Figure 5.14(a-c), the red coloured values indicate the
total corrosion level (not actual corrosion level in the embedment length) before

applied Archimedes’s principle due to occurred local corrosion.
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2401 mw/e=040
20 1 11.53 18.75
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R,SP, w/c=0.75
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E R,SP,
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.g 0 \3 RSP, 6.90
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g 519 410 3, \
i
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72 94 97 216 289
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Figure 5.14: Effect of concrete cover depth and w/c ratio on corrosion level: (a) ¢ =
15 mm; (b) ¢ =30 mm; (¢) ¢ =45 mm.

As shown in Figure 5.14(a-c), at the same concrete cover depth with same
corrosion time, the effect strength level on corrosion level was significant where
reduced w/c ratio significantly reduced corrosion levels. As it was mentioned earlier,
premature cracking and occurred local corrosion might be a reason to have more and
less corrosion levels at earlier stages of applied corrosion time. As shown in Figure
5.14 (a-b), due to the premature cracking of R;sSP; and RgSP, compared with R;3SP;
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and RSP, respectively, more corrosion was observed at an earlier stage due to the
increased permeability of the concrete in the former. In Figure 5.14(a), premature
cracking of R;sSP; caused to have more corrosion level rather than R;3SP; at an
earlier applied corrosion time of 94 h. This was due to occurred cracking of R;SPs.
Figure 5.15 shows the cracking of concrete specimen R;sSP3;. The maximum
recorded crack width on the surfaces of RisSP3; was 0.60 mm where no cracks were
recorded for R;3SP;. The calculated resistivity values can be also used to describe
this issue better. Therefore, the recorded concrete resistivity values were also used to
estimate the time required for the growth of fine cracks (¢.). In Figure 5.14(b), the
resistivity of RgSP; began to decrease at 70 hours, whereas it decreased at 105 hours
for RgSP;. In Figure 5.14(b), with a corrosion time of 289 h, the actual calculated
corrosion level of high strength concrete level looked like that it was more than the
calculated corrosion level of RgSP; (low strength level of concrete). The total
corrosion level of RgSP; was 24.01% which corrosion level was than modified to
6.87% due to occurred local corrosion. That’s why the calculated actual corrosion
level with a high w/c ratio was lower than low w/c ratio. It should be noted that
concrete resistivity and premature cracking had no influence on the bond strength.
Therefore, the corrosion levels determined from the actual mass losses in the
reinforcement bars and the recorded concrete crack widths were used to develop the
proposed strength model. If the obtained corrosion levels compared for 45 mm
concrete cover depths, the results were more dramatic for the low strength level of
concrete. As shown in Figure 5.14(c), 816 h were needed in order to obtain 3.08%
corrosion level for high strength concrete level where 6.27% of corrosion level was
obtained within 289 h for low strength level of concrete. At the same applied

corrosion time of 289 h, the calculated corrosion level of high strength concrete was
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only 0.34%. Under the same applied corrosion time (z = 97 hours), corrosion level for
the sample with a w/c ratio of 0.40 was 0.00% where it was 0.69% for the sample
with a w/c ratio of 0.75. Based on the given results in Figure 5.14(a-c), it can be
concluded that that reducing the w/c ratio of the concrete was more effective than
increasing the concrete cover depth for improving the resistance of the concrete

against thus corrosion levels.

5.2.3 Comparison of Theoretical and Actual Corrosion Mass Losses: Developed
Model to Correlate the Actual and Theoretically (Faraday’s law) Estimated
Mass Losses

As described in section 4.4.1, it is possible to obtain differences between the
designed corrosion levels based on Faraday’s law and actual corrosion levels.
Comparing the results given in Tables 5.1 and 5.2, there were differences between
the calculated and theoretically estimated corrosion mass losses based on Faraday’s
law. Such differences have been reported previously in the literature (e.g., Amleh
and Ghosh 2006; Chung et al. 2004). However, in this study, different concrete
classes and concrete cover depths were evaluated; thus, upper and lower bounds for
the correlation between the actual and theoretically estimated mass losses were

obtained. By considering the typical environmental conditions used in our
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experiments, equation 5.1 and Figure 5.16 can be used to correlate the actual and
theoretically estimated mass losses in future studies.

Actual mass loss = 0.703 x theoretical mass loss — 0.15 (gr) (5.1)

60 -

y=0.703x - 0.15
R2=10.9416

50 A

30 A

20 - i
X Experimental data

Actual mass loss (gr)

10

Linear (Experimental data)

0 10 20 30 40 50 60 70 80
Theoretical mass loss (gr)

Figure 5.16: Correlation between actual and theoretically estimated mass loss.
5.2.4 Results of Resistivity of Concrete

If the steel is actively corroding, resistivity measurements may give additional
information: it may show the location of strongest steel corrosion in the structure. In
general, within one structure, relative corrosion rates can be predicted. Resistivity
measurements can be used at any time during the service life of a concrete structure
and under any circumstances, provided the temperature is higher than 0° (Guliker et
al. 2000). Hence, the electrical resistance of the concrete plays an important role in
determining the magnitude of corrosion at any specific location (Berkely and
Pathmanaban 1990). This factor is measured in terms of electrolytic resistivity of
concrete and is usually expressed in ohm-meters. Although the concrete resistivity
was not the main interest of this study, it was used to monitor the corrosion level.

Under the same environmental conditions, the relationships between concrete
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resistivity and corrosion time for both the low and high strength concrete levels were

determined, as shown in Figure 5.17.
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Figure 5.17: Relationship between resistivity of concrete and time with concrete
cover depths of 15 and 30 mm.

The resistivity results obtained by calculating the average current over 24 h from
the current recorded at one minute intervals are presented in Figure 5.17. The results
clearly show that reducing the w/c ratio of the concrete was more effective than
increasing the concrete cover depth for improving the resistance of the concrete
against chloride attack. Figure 5.17 shows the resistivity of specimens RsSP, and
R8SP1 (w/c = 0.75 and ¢ = 30 mm); although they had 30 mm concrete covers, the
resistance of these concrete against chloride attack was less than that of the concrete
specimens with the lower w/c ratio having a 15 mm concrete cover depth (e.g.,
R16SP). Thus, a 50% reduction in concrete cover depth with the higher concrete
strength level provided 34% more resistance than the lower concrete strength level. It
was observed that the resistivity increased quickly during the initial period of the
corrosion process; this continued for a long time, and then the resistivity dropped

down quickly beginning with the initiation of visible surface cracks. Increasing in
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resistivity of concrete due to corrosion can be explained by isolated surface due to
corrosion around the reinforcement bars. The contact resistivity is a quantity that
increases monotonically with an increasing amount of interfacial phase (rust),
because the interfacial phase has a higher volume electrical resistivity than steel and
even likely a higher resistivity than concrete as well (Fang et al. 2004). In Figure
5.17, the concrete specimens R;SP; and R;SP3, the resistivity started to drop drown
at the beginning of corrosion process, likely due to the closer contact surface of the
reinforcement bars. The comparison of the results of resistivity between low and

high strength concrete levels with 45 mm concrete cover depths are shown in Figure

5.18.
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Figure 5.18: Relationship between resistivity of concrete and time with cover depth
of 45 mm.

As shown in Figure 5.18, with increased concrete depth of 45 mm, the initial
resistance values of high strength concrete were two times higher than that of low
strength concrete levels. As it was mentioned earlier, electrical resistivity increases at
the interfacial phase of corrosion. As shown in Figure 5.18, for a certain period of
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time, resistance of low strength level of concrete increased while the current of high
strength concrete was constant from the beginning until the time of cracking of
concrete. Since the corrosion rates of low strength concrete levels were more at the
interfacial period of corrosion, occurred corrosion rust caused increased the
resistivity results for low strength level of concrete. Although resistance of low
strength level of concrete increased at interfacial phase, the resistivity values could
not be able to reach to the value of high strength concrete levels. As shown in Figure
5.18, between two strength levels of concrete, there were almost 600 h differences
that created cracks on concrete. Although the concrete specimens were cured under
the same conditions, due to the complex concrete matrix, including many unknown
variables, non-uniform corrosion behaviour was observed during the accelerated
corrosion procedure. In this study, only two concrete specimens displayed this

nonuniform behaviour, as shown in Figure 5.19.

2500 A
e R7SP2 (W/c=0.75, ¢= 15 mm)
2000 A RISP1 (w/c=0.75, c= 45 mm)
’é‘ End of the test
é}, 1500 -
&
Z
2 1000 -
S
=4
500 -
0 T T T T T 1
0 50 100 150 200 250 300

Time (hours)

Figure 5.19: Non-uniform corrosion behaviour.
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5.4 Results of Pullout Tests

The pullout tests were carried out for both corroded and non-corroded specimens
according to the procedure described in section 4.4.2. Recorded maximum pullout
forces thus calculated ultimate bond strength ([5,) values of concrete mixture with
w/c ratios 0.75 and 0.40 for three different concrete cover depths are given in Tables

5.3 and 5.4, respectively.
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Table 5.3: Calculated ultimate bond strength (]5,) values of concrete mixtures with
w/c ratios 0.75.

Specimen ¢ (mm) Corrosion level Maximum bond
CL (%) strength t,, (MPa)
RSP, 15 - 9.1
RSP, 15 - 9.4
R;SP; 15 - 9.2
R,SP, 30 - 14.0
R,SP; 30 - 12.3
R,SP; 30 - 13.5
R;SP, 45 - 12.1
R;SP, 45 - 17.3
R3SP; 45 - 15.0
R4SP, 15 8.90 3.7
R4SP; 15 4.10 13.0
R4SP; 15 2.47 11.2
R4SP4 15 2.72 11.7
R4SPs 15 4.32 12.2
R4SPg 15 4.33 12.2
R4SP; 15 4.09 13.0
R4SPg 15 6.51 3.2
R4SPy 15 14.52 2.1
RsSP, 30 1.37 18.0
RsSP, 30 3.45 9.6
R5SP; 30 5.56 33
RsSPy4 30 1.40 17.9
R5SPs 30 1.69 16.9
RsSPg 30 1.60 17.0
RsSP; 30 3.57 8.9
RsSPg 30 5.36 3.7
R5SPy 30 16.65 2.1
RSP, 45 0.69 19.1
R¢SP; 45 1.69 13.4
R¢SP; 45 2.66 12.4
R¢SP4 45 0.68 17.9
RgSPs 45 0.66 18.9
R¢SPg 45 0.84 18.3
RSP 45 0.88 18.2
RSPy 45 1.60 13.7
RSPy 45 3.81 1.3
R;SP, 15 18.75 4.3
R;SP, 15 8.90 3.0
RSP; 15 14.66 2.0
RgSP; 30 6.87 6.5
RsSP, 30 17.33 1.8
RgSP; 30 6.40 5.5
RoSP, 45 6.27 3.2
RoSP, 45 0.68 18.0
RoSP; 45 3.81 1.3
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Table 5.4: Calculated ultimate bond strength (5,) values of concrete mixtures with
w/c ratios 0.40.

Specimen ¢ (mm) Corrosion level Maximum bond
CL (%) strength t,, (MPa)
RoSP; 15 - 19.6
R1oSP; 15 - 14.3
RoSP; 15 - 20.0
RSP, 30 - 20.9
RSP, 30 - 21.7
R;1SP; 30 - 21.0
R2SP; 45 - 21.2
R2SP, 45 - 27.4
R2SP; 45 - 27.8
R3SP; 15 1.33 18.5
R3SP, 15 7.48 3.5
R3SP; 15 4.47 6.3
R3SPy4 15 0.77 22.3
R13SPs 15 0.80 22.4
R3SPg 15 0.90 21.7
R3SP; 15 0.94 21.5
R3SPg 15 7.56 3.5
R13SPy 15 3.30 7.5
R14SP; 30 0.00 20.4
R14SP; 30 5.14 6.2
R14SP; 30 5.46 2.4
R14SP4 30 0.65 23.8
R14SPs 30 0.68 23.9
R14SPg 30 0.77 23.5
R14SP; 30 0.77 23.4
R14SPg 30 1.70 14.0
R14SPy 30 4.45 4.2
R;5SP; 45 0.00 28.3
R;5SP, 45 2.69 7.6
R;5SP; 45 0.34 26.2
R5SPy4 45 0.31 31.6
R15SPs 45 0.40 31.0
R5SPg 45 0.41 30.8
R;5SP; 45 4.73 3.0
R15SPg 45 4.38 34
R5SPy 45 4.17 3.9
R16SP, 15 8.95 3.0
R16SP, 15 6.90 8.0
R16SP;3 15 341 6.8
R7SP, 30 9.90 5.9
R7SP; 30 4.86 1.7
R7SP; 30 1.72 13.8
RsSP, 45 0.34 26.9
RsSP, 45 0.34 31.7
R5SP; 45 3.08 6.1
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5.4.1 Newly Developed Bond Strength Models for Uncorroded Specimens

The ultimate bond strengths of corroded and uncorroded specimens were
calculated by using the initial cross-sectional dimensions of the reinforcement bars.
Figure 5.20 shows the relationship between concrete compressive strength and the
maximum bond strength for different concrete covers in the case of uncorroded

specimens.

30 - Uncorroded

B fc'=23 MPa (w/c=0.75)

m fc'= 51 MPa (w/c= 0.40)

Ultimate bond strength (MPa)

15 30 45
Concrete cover (mm)
Figure 5.20: Ultimate bond strengths of uncorroded specimens.

The values given in Figure 5.20 are the average bond strengths of 18 concrete
specimens for each concrete strength level. As shown here, the bond strength
depends on both concrete compressive strength and the concrete cover depths. The
results showed that up to a cover-to-bar-diameter (¢/D) ratio of 3.2, the bond strength
increased with increasing concrete tensile strength, and no significant increase was
recorded for the ¢/D ratios above 3.2. As shown in Figure 5.20, the effect of concrete
cover depth on bond strength was more significant for the concrete specimens having
lower tensile strength. For example, when the concrete cover depth was increased
from 15 mm to 30 mm, the bond strength of the concrete with a w/c ratio of 0.75 was

increased by 43.7%, whereas it increased 6% for the concrete specimens having a
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wl/c ratio of 0.40. With further increases in concrete cover depth, differences in bond
strength increases between the two concrete strengths were moderate. For example,
when the concrete cover depth was increased from 15 mm to 45 mm, the bond
strengths of concrete specimens with w/c ratios of 0.40 and 0.75 increased by 41%
and 52%, respectively. As expected, for concrete covers of the same depth, bond
strength increased as the w/c ratio was reduced. On reducing the w/c ratio from 0.75
to 0.40, bond strengths increased by 58% and 73% with concrete covers 30 mm and
45 mm thick, respectively. In the case of the uncorroded specimens, increasing the
concrete compressive strength with a given concrete cover depth yielded a higher
bond strength than increasing the concrete cover depth for a given concrete strength.
The following equation was developed to predict the ultimate bond strength of
uncorroded specimens using linear regression analysis, where the coefficient of

correlation (R?) was 0.96.

' C
Ty =7 271434036211 +2.3296(3) (MPa) (5.2)

In contrast to previous models, the model developed in equation 5.2 provides a

way to predict the ultimate bond strength not only as a function of concrete strength

but also as a function of the ¢/D ratio.

5.4.2 Newly Developed Bond Strength Models for Corroded Specimens
Figures 5.21 (a-b) show the bond strengths of corroded reinforcement bars with

ratios of w/c = 0.75 and w/c = 0.40, respectively.
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Figure 5.21: Bond strength of corroded specimens: (a) w/c= 0.75, (b) w/c= 0.40.

In the studies by Auyeung et al. (2000) and Chung et al. (2008), the bond strength
relationships for corroded reinforcement bars were defined by two segments with a

limiting corrosion level. However, there is disagreement on this corrosion level limit.

186



Auyeung et al. (2000) reported that bond strength decreases rapidly when the
corrosion mass loss exceeds 1%, whereas it was reported by Chung et al. (2008) that
increasing in bond strength was negligible up to a corrosion level of 2%. The
previous studies performed by Auyeung et al. (2000) and Chung et al. (2008) were
considered one type of concrete strength level and concrete cover depth. Therefore,
previous studies were not adequate to define the bond strength of corroded
reinforcement bars for different strength levels of concrete at different concrete cover
depths.

As shown in Figure 5.21, the results of the present study showed that bond
strengths in corroded specimens depend on the ¢/D ratio, the concrete compressive
strength and the crack width. An interesting result was obtained for the lower-
strength concrete at the lowest ¢/D ratio (w/c = 0.75 and ¢ = 15 mm). As shown in
Figure 5.21(a), up to a corrosion level of 4%, bond strength increased and then
decreased for a given corrosion level. However, increases in bond strength occurred
at lower levels of corrosion with higher ¢/D ratios. For the low levels of corrosion,
the average bond strength likely increased due to the increased roughness of the steel
bar caused by the confined corrosion products (Amleh 2006). Our results showed
that this phenomenon was more obvious when greater confinement of the bar in the
concrete is encountered during pullout testing. For example, in Figure 5.21(a), the
bond strength at the lowest ¢/D ratio increased by approximately 41% at a corrosion
level of 4%. For a higher ¢/D ratio (¢/D = 2.143 or ¢ = 30 mm), bond strength was
increased by 51% at the lower corrosion level of 1.4% and then decreased
nonlinearly beyond 1.4%. For the highest ¢/D ratio (¢/D = 3.214 or ¢ = 45 mm), bond
strength was increased by approximately 33% at the lowest corrosion level of 0.68%

and then decreased nonlinearly beyond 0.68%. This can be explained by the
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frictional properties of the interface between the reinforcement bars and the concrete
and by the crack width. The lugs of the reinforcement bars at the lowest ¢/D ratio
disappeared or were severely damaged due to corrosion, which decreased the transfer
of stress from the reinforcement bars to the surrounding concrete. As shown in
Figure 5.22, the lugs of the reinforcement bars at the lowest ¢/D ratio disappeared

which turned in the reinforcement bars to act like a smooth reinforcement bars.

Figure 5.22: Damaged lugs of the reinforcement bars.

With respect to these results, it should be noted that the cracking of concrete
increased with concrete depth. Figure 5.23 shows the effect of various ¢/D ratios on

concrete cracking after the pullout tests.
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5 7 Nacl
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Before pullout

Before pullout

No cracking of
concrete was
recorded.

As shown in Figure 5.23, crack width increased with increasing ¢/D ratio at the
lower corrosion levels when compared with lower ¢/D ratios at higher corrosion
levels. For example, in Figure 5.23, even though the corrosion level of R4SP, was
54% more than that of R¢SPs, the observed crack width was wider for R¢SP; after the
pullout test. Same results can be observed between RsSP, and RsSP;. Even though
the corrosion level of RsSP, was more than that of R¢SP3, the observed crack width
was wider for R¢SP; after the pullout test. As shown in Figure 5.21(a), for the same
w/c ratio, an increase in the ¢/D ratio yielded a different behaviour than at the lower

¢/D ratio. The likely reason for this is that the cracks observed in the specimens with
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the higher ¢/D ratio caused a reduction in bond strengths at lower corrosion levels.
After the accelerated corrosion process, the maximum recorded crack widths on the
surfaces of concrete specimens supported these results. As shown in Figure 5.23, the
maximum recorded crack widths on the surfaces of concrete specimens RsSP, and
R¢SP; were 0.24 mm and 0.30 mm, respectively, whereas no cracks were observed
on R4SP».

Another important result of this study was the observation showing that with
increasing concrete tensile strength, the degradation of bond strength at higher
concrete strengths was more than that with lower-strength concrete (see Figure
5.21(b)). The results showed that the higher-strength concrete became more brittle
than in the uncorroded condition. Chang (2002) reported that bond degradation is
more significant for concrete with a higher w/c ratio. However, the data reported by
Lee et al. (2008) and in the present study disagrees with results given by Chang
(2002). Figure 5.24 shows the reductions in bond strengths for two concrete strength

levels having almost the same corrosion levels.

100 -

RSP, Rl"{% fc'=23MPa (w/c=0.75)

90 R4.8 RSSI\’; 88.4
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Figure 5.24: Reduction in bond strength.
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Based on the results shown in Figure 5.24 and the bond-slip relationships given in
the next section, it was clear that the effect of corrosion was more dramatic for
concrete with a higher strength level. The measured maximum crack widths on the
surface of the concrete samples clearly support this interpretation. At the same
corrosion levels, the maximum crack width of the high-strength concrete was greater
than that of the low-strength concrete during the accelerated corrosion process. As
shown in Figure 5.24, the crack width of R;5SP, was 0.80 mm, whereas the crack
width of R¢SP; was 0.30 mm (see Figure 5.24) at the same corrosion level. Same
results can be also observed during pullout test of concrete specimens. In Figure 5.25
splitting of concrete specimens are shown for higher and lower strength levels of

concrete.

C =4.86%

I.; e ‘ o
. AR

of concrete due to corrosion.
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As shown in Figure 5.25, even if the corrosion level of high strength concrete was
more than that of low strength level of concrete (RsSPs), the splitting of high strength
level of concrete was more dramatic at a lower corrosion level when it was compared
with low strength level of concrete at a higher corrosion level. In order to better
reflect the degradation of bond strength at higher concrete strengths levels, the
comparisons between two concrete strength levels at the same concrete cover depths

are shown in Figure 5.26.
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Figure 5.26: Comparisons of bond strengths of two concrete strength levels at the
same concrete cover depths.
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As shown in Figure 5.26(a-c), the bond strength of high strength concrete level
began to reduce for lower corrosion levels when they were compared with low
strength level of concrete. For instance, in Figure 5.26(a), the bond strength of lower
strength level of concrete started to decrease after reaching the 4% of corrosion level
where it was 0.8% of corrosion level for higher strength level of concrete. With
increasing concrete cover depths as shown in Figures 5.26(a-b), the decreasing in
bond strengths began to reduce with lower corrosion levels. For instance, in Figure
5.26(b), the bond strength of lower strength level of concrete started to decrease after
reaching the 1.37% of corrosion level where it had 0.68% corrosion level for higher
strength level of concrete.

In Figure 5.21(a-b), the experimental results of this study were compared with the
previously developed models found in the literature. As shown in Figure 5.21(b),
Fang et al. (2004) did not provide an equation to predict the ultimate bond strength.
Therefore, the available experimental data from the pullout tests done by Fang et al.
(2004) were directly plotted in Figure 5.21(b); the concrete strength in that study was
52.1 MPa. This comparison shows that the previous empirical bond strength
equations underestimate or overestimate bond strengths for different conditions.
Among them, the latest study by Chung et al. (2008) gave better results. It should be
noted that in the study of Chung et al. (2008) the reinforcement bars were corroded
before and after casting concrete, and a single concrete strength and a single concrete
cover depth were evaluated.

As shown in Figure 5.21(a), the previous empirical models developed (e.g.,
(Cabrera 1996; Auyeung et al. 2002; Lee et al. 2002) predict that the bond strength
should decrease with increasing corrosion level, but these models do not represent

the actual corrosion behaviour, especially when different ¢/D ratios and concrete
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strengths are taken into account. As a result of combining different ¢/D ratios and
concrete strengths to predict the bond strength, the following equations were
obtained using linear and nonlinear regression analyses. To accurately predict the
ultimate bond strength, the developed models were separated into two parts.
Considering the scatter in the experimental data, two equations were derived for the
ascending branch (see Egs. (5.3) and (5.4)) based on the ¢/D ratios and the given

limits of the corrosion levels.

OSCLS4 for fC: 23 MPa

OSCLS 0.8 for fc = 51MPa

if ¢/D<2 and

_ " _C 2_
Tou = 0.40551fC 0.25306 ( D )+0.97926 CL (MPa) (R°=0.98) (5.3)

OSCL£1.4 for fC = 23MPa

OSCLS 0.68 for fc': 51MPa

if ¢/D>2 and

(0.01572f,'+0.22957(+,) +0.13946C, +1.75913)
Tpy =€ ¢ D (MPa) (R?=0.94) (5.4)

For the descending branch of the bond strength curve in Figure 5.21(a-b), the
relation is given by equation 5.5. If the corrosion levels are above the limits given by
equations 5.3 and 5.4, the proposed equation 5.5 can be used to calculate the bond

strength for the descending branch. In other words, if 1 < ¢/D <3.2, then
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(0.01667 f '-1.06499 W+ 0.20658 < _ 0.12928 C. +1.80139)
C cr D L

Tpu =€ (MPa)

(R*=0.96) (5.5)
can be used conveniently. The experimentally obtained results were compared with

those obtained with the proposed analytical models, as shown in Figure 5.27.
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Figure 5.27: Validation of proposed models: (a) w/c= 0.75; (b) w/c= 0.40.

As shown in Figure 5.27, the proposed equations correctly predict the bond
strengths. It is thus possible to predict the bond strength as a function of crack width
and corrosion levels for different ¢/D ratios and concrete strengths. As shown in
Figure 5.21(a), whereas previous models show a decrease in bond strength with
increasing corrosion level, the newly proposed model shows a more realistic
behaviour reflecting the actual bond strength. It is possible to monitor bond strength
behaviour at both low and high corrosion levels with cracked or uncracked concrete
conditions for different ¢/D ratios and concrete strengths by using relations given in

Egs. (5.3-5.4).
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5.4.3 Bond-slip Relationships

The bond-slip relationships for selected uncorroded specimens are shown in
Figure 5.28. This relation showed that, the slippage of the reinforcement bars
decreases with increasing ¢/D ratio and concrete strength. The results presented in
Figure 5.28 were in agreement with the relationships obtained for bond strength. It
can be seen in Figure 5.28 that the peak of the curve of the high-strength concrete is
relatively sharp, but the curve has a flat top for the low-strength concrete. The results
show that at the same applied load, slip displacement was less for the higher-strength
concrete than for the lower-strength concrete. Moreover, the ¢/D ratio has a
significant effect on the slip displacement, which tends to decrease with an
increasing ¢/D ratio. For example, in Figure 5.28, the slip displacement at the
maximum bond strength of R;SP; was reduced by 35% due to the increased ¢/D ratio
of R3SP,. For the same concrete cover depth (¢ = 30 mm), the recorded slip
displacement at the maximum bond strength of R,SP, was reduced by 20% with a
32% increase in concrete tensile strength for R;;SP,. Similarly, comparing the two
concrete strength levels at a 45 mm cover depth, the slip displacement at maximum
bond strength of R;SP, was reduced by 19% from that of the higher-strength R;,SP;.
Thus, it can be said that percentage reduction in slip displacement due to the higher-
strength concrete is almost the same for further increases in cover depth for the

uncorroded specimens.
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Figure 5.28: Bond-slip relationships of uncorroded specimens.
The bond-slip relationships for corroded specimens are as given in Figure 5.29(a-
b). These relationships were important in verifying our findings regarding the bond

strength degradation of higher-strength concrete due to corrosion.

22 A
20 - e R 1SP2 (wW/c=0.75, c= 15 mm)
18
e R4SP1 (w/c=0.75, c= 15 mm)
16 -
]
E 14 - e R4SP2 (W/c= 075, c= 15 mm)
< 12
= e R4SP3 (w/c=0.75, c= 15 mm)
£ 10 -
wn
=
£ & 1 e R10SP3 (w/c= 0.40, c= 15 mm)
-
6 A 8.90%
4 e R16SP1 (W/c=0.40, c= 15 mm)
27 R16SP3 (w/c=0.40, c= 15 mm)
0 i T T T T —
0 2 4 6 8 10
Slip (mm)
(a)

199



16 1 R5SP2 (w/c=0.75, c= 30 mm)
1.69%

14 A R5SP3 (w/c= 0.75, ¢= 30 mm)

12 R6SP2 (w/c=0.75, c= 45 mm)
=
E 10 R6SP3 (w/c=0.75, c= 45 mm)
=
& 8 R14SP3 (w/c= 0.40, c= 30 mm)
@ 345 2.66%
6 &0 W R15SP2 (w/c=0.40, c= 45 mm)
=
=3
/M 4 5.56% R17SP3 (w/c=0.40, c= 30 mm)

) = = = RI8SP3 (w/c= 0.40, c= 45 mm)
N\ N \
0 I — e
T T T -'_-—.-.-$
0 2 4 6 8 10
Slip (mm)
(b)

Figure 5.29: Bond-slip relationships of corroded specimens: (a) ¢ = 15 mm; (b) ¢ =
30 mm and 45 mm.

As shown in Figure 5.29(a), when the ¢/D ratio was less than two (¢ = 15 mm),
more slip displacement occurred at lower corrosion levels for higher-strength
concrete due to the opening of longitudinal cracks during the pullout tests. As
mentioned earlier, the occurrence of cracks during accelerated corrosion played an
important role in the case of the corroded specimens. In Figure 5.29(a), the measured
maximum crack width on the surface of RisSP3; was 0.60 mm, whereas no cracks
were observed on R4SP; and R4SP,. It was suggested that the results obtained in this
study are adequate to define the general behaviour of corrosion effects on bond
strength. In Figure 5.29(a), the slip displacement of R;SP, at the maximum bond
strength was reduced by 48% due to the increased corrosion level of R4SP; (4%).
However, at the maximum bond strength of the higher-strength concrete (R;6SP3),
the slip displacement increased by 34% at the lower corrosion level of 3.4%. In

Figure 5.29(a), it can be seen that when the corrosion level was relatively a large
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value (e.g., R4SP; and R4SP)), the effect of corrosion on slip displacement was
almost the same for the different concrete strength levels due to more localised and
extensive cracking of the concrete surface during the pullout test. As illustrated in
Figure 5.29(b), the bond-slip relationship showed different behaviours with
increasing ¢/D ratio for the two different concrete strength levels. As shown in
Figure 5.29(b), the bond strength with the higher w/c ratio was greater than that with
the lower w/c ratio at almost the same corrosion level (see R¢SP; and R;sSP;).
However, the results were different for slip displacement. When the slip
displacements for the two concrete strength levels are compared for the same
concrete cover depth (¢ = 30 mm), e.g., RsSP; and R4SPs, it can be seen that less
displacement occurred in the higher-strength concrete at an almost identical
corrosion level. Similar results were also observed for several other specimens, such
as R¢SP; and R;sSP,, with a concrete cover of 45 mm. This can be explained by the
increased resistance to the slippage of the reinforcement bars set in higher-strength
concrete until the time it split. In Figure 5.30(a-b), splitting of the concrete
specimens along the corrosion cracks is shown. As shown in Figure 5.30, at the same
corrosion levels, wider cracks occurred for higher-strength concrete, which caused a
loss of bond strength. Up to a given value of applied load, the higher-strength
concrete provided less displacement, but for further increases in load it exhibited
more brittle behaviour, with a sharp decrease occurring at the peak of the curve, as
displayed by specimen R;7SP;. A good relationship was obtained when the results
were compared for different concrete cover depths. Figure 5.29(b) shows that with a
concrete cover depth of 30 mm and w/c= 0.75 (RsSP,), the value of slip displacement
was almost the same at the maximum bond strength of R;5SP, (¢ = 45 mm and w/c =

0.4) at a higher corrosion level of 3.45%. Same behaviour was also observed with
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R¢SP, and R;7SP;. In contrast with the previous samples (RsSP», R;sSP»), slip
displacement was less for the higher-strength concrete (R;7SP3) at the almost same

corrosion level due to a lower cover depth.

1
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Figure 5.30: Splitn concrete specimens along the corrosion cracks: (a) wic=
0.40, (b) w/c=0.75.

The wider cracking of higher strength concrete rather than lower strength level of
concrete can be explained by exceeded stress level inside of concrete. This was due
to higher permeability of concrete specimens with higher w/c ratios of 0.75.
Accelerated corrosion method showed that with a higher w/c ratio, the corrosion
products were flowing throughout. While the colour of water in glass tank was
changed to red colour for higher w/c ratio, it was closer to original colour for lower
wlc ratio. With lower permeable concrete (w/c= 0.40) thus maintained expansive

corrosion products caused to increase the internal pressure which resulted in

premature cracking of concrete due to volumetric expansion.
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Chapter 6

CONCLUSIONS

Based on the investigations and analysis of current study, the following
conclusions can be drawn.

In the first part of this thesis, studied and developed corrosion models were
combined with structural assessment methods as a function of time to predict the
time-dependent performance level of corroded RC buildings as a function of

corrosion rate. The results showed that:

a) The effects of the corrosion rate include not only the loss of the cross
sectional area of the reinforcement bars but also slippage, and reduction in
concrete compressive strength which must be taken into account for structural
assessment.

b) As a consequence of corrosion effects, plastic hinge properties were
calculated as a function of corrosion rate. Additional displacement due to slippage
of reinforcement bars by losing bond strength due to corrosion was considered to
predict the time-dependent seismic performance levels of the RC building. The
calculated time-dependent properties of the plastic hinges were an important tool
for defining the time-dependent performance levels of each case by taking into
account the bond-slip relationships. It has been found that in non-linear analyses,

the effect of slip gives more accurate results by modifying the post-yield stiffness
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of the structural elements rather than summing up the additional displacement due

to slippage of reinforcement bars.

c) It might be useful to redefine the thresholds of corrosion rates by taking into
account other effects of corrosion, i.e., not only loss of the cross sectional area of
the reinforcement bars, but also bond slip relationships need to be taken into
account.

d) The present study showed that service life of concrete structures is limited by
corrosion of reinforcement where the quality of concrete, mainly the permeability,
and the cover thickness and environmental factors affect the remaining service life
of structures.

e) Additional studies are also required for more accurate performance
assessments of three dimensional MDOF systems by taking into account the
torsion effects under the impact of corrosion. Finally, the methodology presented
herein can serve as a guide for structural engineers to reduce the economical
impact of corrosion due to time and to define potential time-dependent seismic
risks for further expected earthquakes.

In the second part of this thesis, series of experimental studies were performed to

predict the ultimate bond strength of corroded and uncorroded specimens. Novel

models were developed to predict the ultimate bond strength as a function of

corrosion rate, concrete compressive strength and crack width. The results showed

that:

a) Using the newly developed bond strength equations, based on the limitations
specified before, it is possible to predict the bond strength as a function of

corrosion levels, concrete strength levels, crack width and ¢/D ratios.
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b) Previously developed bond strength equations yielded significantly
underestimated or overestimated results; the bond strength decreases rapidly in
these models.

c¢) In the case of the uncorroded specimens, bond strength increased with
increasing concrete strength level and ¢/D ratio, where the ¢/D ratio of 3.2 and a
w/c ratio of 0.40 yielded the highest ultimate bond strength in this study.

d) In the case of the uncorroded specimens, bond strength increased up to a ¢/D
ratio of 3.2, and no significant enhancement observed above this ratio.

e) When the ¢/D ratio increased in the uncorroded specimens, the percentage
increase in ultimate bond strength of the lower-strength concrete was more than
that of the higher-strength concrete. Indeed, this is a normal behaviour since the
reinforcement bars used were deformed. The radial pressure from the lugs of the
reinforcing bars causes high tensile stresses on concrete. The resistance of the
specimen to these radial stresses depends on both the compressive strength and
¢/D ratio. Thus, as the ¢/D ratio increases for lower-strength level of concrete,
resistance to these radial pressure will increase.

f) In the case of the uncorroded specimens, increasing the concrete compressive
strength for a given concrete cover depth yielded higher bond strength than
increasing the concrete cover for a given concrete strength.

g) At the same corrosion level, the measured maximum surface crack width of
the higher-strength concrete was more than that of the lower-strength concrete.
This was due to higher permeability of concrete specimens with higher w/c ratios
of 0.75. Accelerated corrosion method showed that with a higher w/c ratio, the
corrosion products were flowing throughout the concrete. Meanwhile, the colour

of water in glass tank was changed to red. On the other hand, lower permeability
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of concrete (w/c= 0.40) maintained expansive corrosion products. These products
increased the internal pressure which resulted in premature cracking of concrete
due to volumetric expansion.

h) The splitting of the higher-strength concrete was more dramatic than that of
the lower-strength concrete at the same corrosion level since initial cracks have
been already observed during accelerated corrosion method as explained above.

1) An increase in crack width was observed with increasing ¢/D ratio at lower
corrosion levels when compared with a lower ¢/D ratio at higher corrosion levels.
j) Pull-out tests on corroded high-strength concrete specimens showed more
brittle behaviour (sharp decrease in bond strength-slip curve occurred at the peak
bond strength values as shown in Figure 15(b)) compared with its uncorroded
condition.

k) The degradation of bond strength in the higher-strength concrete was more
pronounced than in the lower-strength concrete. The underlying mechanism of
this again was the cause of expansion of the corrosion products as explained
above in conclusion number g.

1) In the case of the uncorroded specimens, the slippage of reinforcement bars
decreased with increasing ¢/D ratio and concrete strength.

m) In the case of the corroded specimens, the slip displacement was less for the
lower-strength concrete at the lowest ¢/D ratio.

n) When the ¢/D ratio was increased in the case of the corroded specimens, the
slip displacement was less for the higher-strength concrete at the same corrosion
level and ¢/D ratio.

It is expected that the differences in bond strength and slip behaviour for corroded

reinforcements with different concrete classes and ¢/D ratios highlighted in this study
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may provide guidance for the performance evaluation of existing reinforced concrete
buildings, especially in the earthquake-prone regions. Although performed
experimentally study in this thesis was based on pullout tests with prepared
specimens and may therefore not reflect the actual behaviour of reinforced concrete
sections under the influence of bending, where both concrete and the reinforcement
are in tension, the results and findings of this study are general and may be used

directly and as a guide for further studies.
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